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ABSTRACT: In thus paper the Large strain consolidation cquation (Gibson.
1967 and 1981) is rederived in terms of excess porc water pressure. The
compressibility and permeability relationships for soils are reviewed and the
influence of form of the relationship on consolidation is examined. The use of
an un-conditionally stable three level finite difference method is adopted to solve
the governing cquation The effects of the layer thickness and number of layers
in the numerical analysis is presented. The necessity to consider the scll'wc-ighl
of the soil in the consolidation process is investigated. The need to use

representative soil parametcers and appropriatc compressibility/ permcability
relationships is discussed

Introduction

Theory of one dimensional consolidation of saturated clays developed
by Terzaghi (1923.1936) is widely recogniscd to bc based on
simplifying assumptions. Therc is a growing and urgent need to verify
the applicability of this and the subsequent modifications to Terzaghi's
theory into practice. The simple relevance of the Terzaghi model to
laboratory consolidation tests and the appraisal of other rheological
models for the constitutive equation have becn discussed by
Tennckoon (1990).

The Terzaghi theory ignorcs the changes in permeability and
compressibility in the interests of the mathematical casc to obtain a
governing equation that is lincar and with an equally casy solution.
The assumption of constant permeability and compressibility may
prove satisfactory for conditions of infinitesimal strain, where the
changes can be self compensating (Poskitt, 1969). Davis and Raymond
(1965), Schiffmann (1958) and Barden and Berry (1965) have
developed theories where variations in the compressibility and
permeability during consolidation have been taken into account. The
effects of finite strain and self weight of the soil have also been
considered (Mikasa, 1965: Gibson ct al, 1967, 1981 and Lee and
Sills. 1979). A purpose of this paper is to outline the rederivation of
the Gibson's Large strain consolidation cquation in terms of excess
pore watel pressure ( rather than voids ratio) whilst taking the cffects
of the finite strain. sell weight and variable compressibility and
permeability into account.

However. the consideration of these lcads the governing equation to
be a non linear partial differential equation, for which an analytical
solution is generally not available and hence recourse is usually made
to a numerical method of solution. Other researchers have shown from
studies of the settlement of soil layers of increasing thickness that the
settlement maxima for linear and non linear theorics have the same
location in the distribution curves. However the lincar theory falls
short in agreeing with a real settlement distribution.

A Finite difference method has frequently been applied to solve the
governing consolidation equation. The derivatives of the partial
difference equation can be replaced by difference  quotients,
converting the equation to a "difference equation”. The domain of the
solution is considercd to be a net having a finite number of mesh
points. The numerical model described in this paper uscs an implicit
three level finite difference method incorporating an updated
Lagrangian incremental scheme. The resulting algebraic simultaneous
equations carry in the proccssa finite truncation crror. The step by
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step solution of the system of difference cquations allows the
truncation crror to be reduced or magnificd as desired. Any undue
increase in the truncation error will make the finite difference scheme
unstable and the result diverge. The stability of a finite dilference
scheme as applied to a linear partial differential cquation can be
checked analytically. The stability of a non linear partial differential
equation depends not only on the form of the finite difference
cquation, but also on the solutions obtained in the last itcration. A
practice is to use a spectral radius analysis check for the temporal
stability of the finitc diffcrence scheme at cach iteration. This can
greatly lengthen the computation process and allows no simple remedy
i the stability fails. This paper further introduces an unconditionally
stable finite difference method for the solution of the rederived large
strain consolidation cquation. .

The paper also reviews different forms of published rclationships for
the variation of voids ratio and permeability with the effective stress
level in the discrete model. Wijeyesckera (1970) described these
variations with the deep burial of clays. The controlled gradient
consolidation test has been applicd successfully to sofl clays with the
production of continuous variation of the voids ratio and permeability
variations with cffective stress level (Ting. 1990). A computer
program written in Visual Basic has becn used to aid in the solution
of the finite difference equations (Patel, 1994). This paper describes
the rudiments of the program and uses it to discuss the signifance of
the form of the voids ratio, permeability. effective stress variations on
the consolidation process.

Non Linear Finite Strain Consolidation Theory

Consolidation theories are uscd to predict the rate and magnitude of
settlement of loaded clay layers. These theories are based upon the
hypothesis that the progress of compression is governcd by the
dissipation of the water pressurc gencrated by an external loading.

Terzaghi (1923) identified consolidation as a flow problem under
excess pore pressure and, therefore, selected pore pressure as the
conditional variable in his derivation of the small strain consolidation
cquation. The main assumptions Terzaghi made in his theory are:

a) the soil is homogencous and fully saturated.

b) the water and soil particles are incompressible,

¢) drainage occurs in one direction only.

d) the resulting compression is one-dimensional,

¢) Darcy's relationship of saturated flow is valid.

f)'the coefficients of permeability and compressibility arc constants.

g) void ratio is a lincar function of effective stress, independent of
lime.

As void ratio (porosity) is directly relatcd to compressibility,
permeability and settlement, many researchers including Gibson et al
(1967) and Lee and Sills (1979) sclected this as the conditional
variable in their derivations of the large strain consolidation equation.
The governing equations derived from this approach arc highly non-
linear, parabolic, differential equations. the solution of which can be
acheived by reducing the equation to a linear form. The consequences
of the reduction process is that the generality of the soil characteristics
is lost as further assumptions arc madc.

The r!u:\\crical solution for the one-dimensional, large strain
con.solldatlon i«. derived with cxcess pore pressure as the conditional
variable and fullows the derivation by Ting (1990). Excess pore
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en as the dependent variable, since it responds
anges of imposed loading on saturated soils in
Jems. The derivation takes into account

of clay soils. i.c.

pressurc is chos
instantancously to ch
time dependent loading prob
many of the non-linear characteristics

a) finite strain,

b) varying permeability and compressibility coefTicicnts,
¢) sclf weight of soil solids.

d) non-homogcencous initial conditions.

The cffects duc to creep and partial saturation are n
governing equation derived [rom this approach is also a non-lincar
parabolic cquation. although it is not as complex. The advantage of
using this form of equation is that there exists a standard stablc and
convergent [initc difference method for its numerical solution without

the need for further assumptions of the soil characteristics.

Consider a thick saturated. homogeneous soil stratum where drainage
and scttlement occur one-dimensionally, Figurc 1. A difterential soil
clement ABCD is initially bounded by ‘a' and 'a + 8a' measured against
gravity from the lower fixed boundary. Figure 1b shows that afler time
L this clement has deformed to A'B'C'D' although occupying the same
amount of soil solids as element ABCD. The deformed clement's
current physical position. & . is described by both space variable, 'a'

and the time. 't ic..

ot considered. The

§=E(a.1) (1

where a is independent of time. t, and is always within the domain of
the soil layer. i.c. 0 < a s H,.

The continuity equation of mass ( or weight if the gravitational force
is unchanged ) for solid phasc within the soil clement A'B'C'D' is:

a - - a [1-n(a,0)]
—[n(a.i)v, - +— Ni—=—"21=0
aa[ 4 2 a:["(" )[l—n(a,l)] @
or in terms of void ratio,
ol e(a.t) ,~ - d|e(a,l)
- - s (2222 =0
2a|Tre@.0 v-‘)] ar| 1ve, 3

where v, andv, are truc velocities of solids and fluid respectively.
Darcy's relationship gives the true relative velocity of the fluid to the

eXCeSS pore pressure gradient as,

ko Ou,
y, 9&(a.n @)

n(a.n(v, - V)=

or in terms of void ratio,

e(ﬂ.')(‘;[_ V)= -.LE“_‘
l+e, y, 9a (5)

Combining cquations (3) and (5) gives,

a|_ k

z 1+ ?i‘_ +_(j___e(a._i)_ =0
5:; Y, | +e(a.l) da ot (6)

+
| +e,

tic force of the consolidating soil and the drag between the
and the solids arc neglected, the vertical force
he soil element A'B'C'D" will be

If the kine
flowing fluid
cquilibrium fort

ao,
e . “n(@,)Y,1 =0 .

or
Eﬁ+ _,_——e(n'l) Y, *+ |
da 1+e(a.t) "

which reduces to

_ e(a,l) 1+e(a.l) _
1 +e(a,1)} ¥ ‘ 1+e, g ®)

do, |ela,0)y,*Y,
e | ©)

da 1+e,

The principle of cffective stress states

(10)

/
0" B 0I' - “u - “.\.\

a) Initially

q

P,

A

- &
.
£(a,1)

77X
b) At timet b

Fi i i
gure 1 Domain of a Soil Stratum under Consolidatio
n
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essure excess ol steady state

crtical total stress. U, porc pr
asurcd [rom the water

Where 0, Vv
u, steady state porc pressurc me

porc pressurc,
table downward.

and the steady state pore pressure, i arc

The total stress. 0, -
and two extreme

affected by the expelled water during consolidation
cases arc considered, Figure 2.

Casc 1. The expelled water docs not drain away.

0‘,=0,,,*0,"Y“[HO'E((’J)] -
(¥, - Y EH.0 -E@.n]

u, =y, [ H,-Ea.0) (12)

where 0. external vertical boundary loading, g, . previous vertical
consolidation stress. Y, . saturated bulk unit weight of soil, H,. initial
height. Therefore the difference between the toal stress o, . and the

steady pore pressure, U, . IS

o,-u, =040, +(Y,~ ) [EH,.-Ea.] 13)
Casc 2. The expelled water drains away.

0,=0,,+0, *Y,[E(Hy. 0 -Ea.0] (14)

u, = v, [EH0 -Ean] (15)

Therefore the difference between the toal stress o, . and the steady
pore pressure. U . is

0,-u, =0,,+0, +(Y,~Y,)[EHy.0) -&a.0] (16)

In both cases. the term (Y, - v, ) [E(H,.1) - (a,1)] represents the
same submerged weight of the soil above the clement A'B'C'D' which
is independent of time. Therefore it can be expressed at initial statc
with the following substitution, '

(¥, - YIEH, - N-E(a - D]=(y,, -V, )(H, - a) a7

where 7y, is the initial bulk unit weight of the soil given by

Y. " €Y.
Yoo = —r (18)

I +e,

Combining equations (17) and (18)

(Fpo=Yu)(H, - a) = "
)

Y.~V
H, -
l*eo( b=

and from equation (10) and (16)

Y,7Y
+
I+e

w(l‘lo = a) - ul‘
0

(20)

Th i
e submerged weight can be neglected when considering a thin soil
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laycr, therfore cquation (20) becomes.

- g - 21
0, =0y k 0/»1. u, ( )

Partial differentiation of equation (20) or (21) with respect o time, t
. gives,

00(,(:1,!) : do,, ) du(a.l) 22)
or dt ot
nditions. the void ratio is a function of the

o', which is related to the excess pore pressurc,
ayers or (21) for thin layers. Equation

In one-dimensional co
vertical cflective stress,
u, . by equation (20) for thick |
(22) can be written as,

‘_’lg‘/: de(a.!) - do,, _ auc(a’l) (23)
de Ot dt ot

. is considered to bc a function of

The coefficicnt of permcability, k
directly related to the excess porc

void ratio only, which can also bein
pressurc u.

Combination of the cquilibrium / effective stress equation (23) a
continuity / Darcy's flow equation (6) gives the governing cquation for
the large strain consolidation in terms of excess pore pressure . U, . as

nd the

0 k 1 te, auy 1 de dae.rl aut
] T A —|—=-—|=0 (9
da| v, 1+e(a,r) da| 1+e; 4q dt ot

where ¢, de/ds, and k are indirectly related to thc excess pore
pressure, u. .

!Squalion (24) can be simplified as functions of excess pbrc pressure,
ic.

ou, do du
—[AW) =+ Bu)|—=-—] =
da ¢ dt at @)
where,
A(u) = - e
Y. Tret@n (26)
and,
B(u,) = l -di
I te, (10(, (27)
For time - independent loading, do,/dt =0 ; thercfore
a du Y
Dy el - e
o {/ (u,) P , B(u«)—c? (28)

For one-di i conditi

Ao :h:{::li;onal :‘onldlllons the primary consolidation settlement,
, I8 @ clion of the vertical effecti

N g N I ¢

compressibility, de/da’, , and is given by, S S aaihe
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Once the excess pore pressurc . u. . is evaluated from equation (28),
o' and de / do', can be computed. Scttlement predictions, A | cap then
be obtained from cquation (29).

The derived differential equation (24) defines the behaviour of the
CXCESS POTC Pressure, U, in a cons.olidfni‘ng soiﬂl clcmcnl. Its solution,
u, . is a function within the domain ol d.n.ncnsmns In space and time,
“To obtain a unique solution for u,, conditions at the boundaries of the
domain must be satisficd, therefore, a Boundary Value Problem s

formed.

P [ ey g @9
. I+e, do,
0
wherc.
o = 0., %0, * u(llu -a) - u, (30)
*e,
Ot

VY,

TR, Y,

Ho

o

«

t(a,1)
™o ™ L, 10 y
S r VRIS Toed foreiry 0 TTR Tined bouadary 0
Inkally Cene | of time ¢ Cesc e timot

Figure 2 Two extreme cases of drainage conditions.

In consolidation, it is possible to determinc the distribution of cxcess
pore pressurce at any given instant when the following arc given:

1) The excess pore pressure distribution at an earlicr instant. In the
particular casc at time, 1= () . the boundary condition is called the
initial condition.

ii) The influence from the surroundings of the soil on its surfaccs.

These conditions (i) and (ii) arc called initial and boundary conditions
respectively. the first being with respect to time and the sccond with
space and are discussed in Ting (1990).

Three Level Finite Difference Scheme for the Solution of
Consolidation Problem

The fnite difference analysis is a numerical procedurc that can be
applied to one-dimensional consolidation problems. For this
technique, the governing equation is represented by a set of differcnce
equations, which are then solved algebraically. The domain of the
solution is considered (o be a net having finite number of mesh points.
At cach mesh point, the partial differential cquation is replaced by an
algebraic finite difference approximation and hence the solution is
reduced to solving a set of simultancous algebraic cquations. Consider
the excess porc pressure as a function of space variable 'a' and time
variable 't' which can be represented by its discrete values at mesh
point i, j (corresponding to ‘a’ and 't' respectively) of a finite difference
nct. The value of u at (a, . () is denoted by u,, ,as

u =

i u(a,.ll)

(30

If the finite difference net has spacing Aa , At , the value of u at (a, +
Aa .+ At)is denoted as

u = u(a,+Aa.ll+AI)

(32)

1elygel

The first partial derivative of u with respect to 'a' at point (a; . t;) using
the central difference approximation over a single mesh interval is

denoted by 8, as,

u

s g U
6‘,(“,.,) = Vg ity o(Aa)? (33)
Aa
and has a truncation crror of the order (Aa)* .
Similarly the sccond derivative of u is expressed as:
u -2u, +u
6(5(“ ))2 vl 1] r .y
@ Tu)Ty 34
Aol (34)

5""!"“')’- l_hc I_'mile difference approximation for the first and second
partial derivatives with respect to 't at point (a, t; ) are,

Il’. 3 _“/ ~ N
5,(11'./) = # +0(Al)' (35)
and,
_ “l_ ‘ _2ui tu.o .
8(8,(u, ) = * + o(Ar)? (36)

Both approximations have a truncation error of the order (At )’ .

The general large strain ¢

i onsolidation equatio is classified as a
non-linear parabolic parti ! n(28)is

L parab al differential equation. At present the non-
::::tz;&an[?:ldlﬂ'cFelltial €quation can orllly be solvgd by numerical
approxirﬁalionirf Is no dlfﬁculty in applying finite difl’er‘cncc
with solvi © non-linear equations. The difficulties are associated

INg a set of non-linear difference equations and the proof of
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stability. In non-lincar problems, matrix [L] which governs the
stability depends not only on the form ol the finite difference scheme
but also upon the solution obtained in the last increment. Lees (1966)
considered the non-lincar parabolic cquation in the same form as
cquation (28) and introduced a three-time level to investigate a
difference scheme that could avoid the formation of a set of non-linear
diffcrence cquations :

This equation can be approximated by the following finite difference
approximations.

6 1 )') - B ",,.| 1oyl 37,
"[.- (, L”(ll’v’)] = Blu, /)—_— 37

In view of cquation (33). the above becomes

u - . u -u
I T B (g P AL IVALY 38
¢ ' Aa ("’) 2At ( )
1 My, U, ) oo
_A—u "l(lll'l/:_[)__ -(.'77-_ “(’ll'la./) —_’ Aa .
(39)

u -u
. B(Il ) VA YRR}

- 2A¢

which simplifies to

% A(u,‘m‘l)(u -u

Aa‘ .y 1_1) _A(ul |/l./)(lll,1_”l“1_V/)J

(40)
u - u
- B (WKL 1)l
@) 2A1

The finite difference scheme. cquation (40) formulated by three central
difference approximations is unconditionally unstable. This can,
however. be made stable by averaging u,,,,. 4, ,y.,, , by their
averages over three time levels, j+1 .. j-1 . so that,

|
.y, = 5(":-|./-| MLPE ’“l-l,/vl) 41)
| .
u, ) 5("!14 h, ",,-1) (42)
1
U, vy = 3 M,y e ”'/-l,,”‘t-l./—l) (43)

and replacing u,, ,,, , by an average over neighbouring mesh points
so that

Au, . /)

i, , tu .
- A(———’ "-'2 ’~’] =, (44)

u,o ot u B
A(lll_”z.,) = /l[%] = q, (45)

The three-level finite difference scheme for equation (24) is
formulated:

2A¢ &) (u
3(Aa)2 I,j. sl el

ey (u

+u u tu

_“r,IOI !-I,/_ i l",}-l_ ’,

-u tu - u +u

1j+ [ERWES 1 -1, -1l

= B, ) () = ()

(46)

This scheme is consistent and has an order of accuracy o (Aa)’ + o
(At)? . Lces (1966) proved that this scheme is unconditionally stable
and convergent for any mesh size Aa and At. This scheme gives rise
to a system of linear difference equations to be solved at each time
level. Nine variables are involved in this difference equation as shown
in Figure 3.

The complete solution is obtained by constructing a set of
simultancous difference equations for i=2,3,4 . . . . n-1 , together with
two boundary condition equations at i=1 and n. Equation (46) can be
written as

+

a'.l ul*l.j’l

. - 3
B [ai.j * ai./ * EB(ul.j)] LW
1,7 Tiel gl

= a’.l ul'l,] - (al.j M al.l) ul.} * al.j ut—l.] (47)

=2 (48)

The boundary condition equation at i=n for:

‘i) pervious boundary :

u , =0 Jor

n,J -, > 0 (49)

ii) impervious boundary:
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5
——a"“" =0 Jor j2 0 0

da

' = v, U
a,/”,.L, Ql_[ "l,/ [(NENEA NI

' SR, O
+al_/”l‘l_[~| R/J A NN WA

! - u + o
au-l.j”n‘/ Ql" 1y

L depth + U, ,~ S u

+8 1
" NN ‘S".I

Wy 1 - luJ "u_].|

Figure 3: Variables involved in the three level implicit method.

(55)
The boundary condition can be represented by the central difference Where
ofuat(n.j) '
u =u 51 - 3
wet T, (5N /’Il=a,,*a,,+2—B(u,I) (56)
. . . . :
Substituting equation (51) into cquation (47) and since o', | = .
. 3 Ql, = a;.l * a"—.l (57)
2a, P [?_aw + 2_rl}(u"‘1)] u, . /
= - {Za,',_] U, - Zu,;., u,  * 201,',‘, U,y o (52)
. - 3
- 3 R = - =
-|2a, - ZB(“"")] u, |} . S %t > B(u,.,) (58)
As an cxample. the matrix of the system of the finite difference i
cquations for u at t=(j+1)At of a soil stratum with pervious boundary S,y = 2a,, (59)
at i =1 and impervious boundary at i =n will be:
u, ,= 0 for j>0 (pervious boundary )
T =2a + 3 B
ny UN] Z (”,,‘I) (60)
,I)z u;
o 2. "l.lol I _ - 3
d_,_, Py, Uy, ey za"" ’ Z B(ou) 61)
o, Py, e, a0
Cquation (35) can be expressed as
Gy Py Un1se1
ST DI ®
Malrix [ M ] c . .
) onsists of values ; : -nown. Matrix
[L]isa tri-diagonal maEl o oond . which are

; ) ithms
chas i natrix and many cfficicnt solution algorith™
¢ Gaussian elimination with pivoting.

The Opcrationg involved in Gy

exist su

; A ized
assian elimination can be summar
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in a form that will facilitate writing a computer program:

. Augment the n x ncoeficient matrix with the vector of right-

hand sides to forma n ~ (n -+ 1) matrix.

2. Interchange rows il necessary to make the value of a, | the largest
magnitude of any coeflicient in the first column.

3. Create zeros in the second through n* row in the first column by
subtracting a,,/ a,, times the first row from the i ™ row. Store the
a/ag, ina, L i=2,0.00n.

4. Repeat steps 2 and 3 for the second through the (n - 1) rows,

putting the largest magnitude cocflicient on the diagonal by

interchanging rows ( considering only rows in jto n ), and then
subtracting a,, / &y, times the | row from the i* row so as to
create zeros below the diagonal. Store the a, /) in a,  i=j+

I n . At the conclusion of this step. the system of upper-
triangular.

w

. Solve for x, from the n™ cquation by x,=a, ., /a,, .

=

Solve for X, ., «Np.o o
cquation in turn by:

e Xy from (0= 1)* through the first

"

. - i (63)

Matrices | L ] and [ M ] lor difTerent boundary conditions can be
formed in similar manner. In three-time level scheme, initial data must
be provided at times j = 0 and | in order to start the computation.
However. in consolidation problem, only the initial data at j =0 (i.c.
1=0) is known. It is therefore required to generate valuesat j= 1 (i.c.
= At ) by some other means such as a two-time level explicit finite
difference scheme. Instability check of the two-time level scheme is
not relevant since only one computation process is involved. In normal
practice. it is sufTiciently accurate to assume u, | = u, ,, exceptal the
pervious boundary, where u, =y, and u, | =y, .

The step-by-step finite difference solution of a given difTerential
equation can give risc (o two types of errors; round-ofl" error and
truncation error. A method is said to be unstable if the accumulated
rounding crror grows relative to the values of the solution, as the
number of values calculated increases. If the rounding error docs not
grow. the method is stable. ‘Truncation crror depends on the step
length. The smaller the step length, the smaller the truncation crror,
but the corresponding labour involved in the calculation will be
greater. It is obviously advisable to keep the step length as large as
possible consistent with attaining the required accuracy. In practice it
is aimed to keep the round-ofT errors and truncation crrors comparable
with cach other. There is no necessity to reduce the interval so that the
truncation crror is reduced beyond this point, sincc any incrcased
accuracy would be masked by the errors due to round-off. Error
control in the solution of differential cquations is by no means an casy
process and depends on the particular problem being solved.

An accurate finite difference scheme requires the total truncation crror
to diminish with the reduction in mesh size. If the total truncation
error tends to zero with Aa and At the finite difference scheme is
said to be consistent. It is therefore advantageous to usc a finite
difference approximation with high order truncation crrors as thesc
tend to zero more rapidly as the mesh size is reduced. It is worth
noting that even though the truncation crrors tend to zero with mesh
size. there is no guarantec that any initial error, no matter how small
will diminish during step-by-step procedure.

The finite difference method reduces the partial differential equation
10 a set of simultaneous algebraic cquations. The function [u, ., ] at
alater time t,,, . is obtained from the values of the function [y, ;] at
a previous time, {, , given as:

[“'-1"] : [L”“'-l] (64)

where the square matrix [ L ] depends on the finite difTerence
approximation and the form of the partial differential equation. The
finitc difference scheme will be stable if the matrix [L] has a spectral
radius less than unity which is described in Ting (1990 ). Lax's (1954)
cquivalent theory states that for a consistent finite difference scheme,
stability is a necessary and suflicient condition for stability.

Numerical Analysis of The Consolidation Equation

A compuler program LSCON (Large Strain Consolidation) was
written in Visual Basic to solve the large strain consolidation cquation
in terms of excess porc pressure and the Lagrangian coordinate
system, (Patel, 1994). The program uses the three level finite
difTerence scheme to perform the calculations and the genceral logic of
LLSCON is as follows:

. The input data for a given problem are read. These data consist
of:
Initial height, HO.
Number of layers in element, NL.
Specific gravity of soil solids. GS,
Specific gravity of water, GW,
Comprcssidn index, Cc, or slope of any assumed ¢ = (s)
modcl,
Permeability index, Ck , or slope of any assumed ¢ = [ (k)
model,
Pre-consolidated pressure, PCONST,
External applied pressure, EXT,
2. The starting values are calculated.
3. Augmented matrix is calculated.

4. The cocfficients of the difference equations and auxiliary matrix
are calculated and stored.

5. Finite diffcrence equations are formed.
6. The Gaussian climination process is performed.

7. The excess pore pressure at cach spatial mesh point is calculated
and stored.

oc

. The consolidation settlement, degree of scttlement base pore
waler pressure arc calculated and stored.
9. Cocflicients of the differcnce equations are calculated for the
next time step and steps 4 to 9 are repeated until the excess pore
waltcr pressure dissipates.
In order to evaluale this program, the influence of the initial height of
the soil layer and the number of layers on scttlement predictions were
analysed. The efTect of self weight in settlement predictions was also
investigated. Table | summarises the investigations carried out.

In the program cvaluation analysis and the numerical simulation
results presented in this paper, a type homogencous soil layer is
considered to consolidate with a single permeable boundary. The
relationship between void ratio and cffective stress is assumed to be
log - lincar, as is the permeability - void rclationship.

i.c.

e =30-10logd (65)
and,

e = 10.0+1.0logk (66)

The soil layer of initial height H, is divided into NL cqual layers and
atime interval, At of 0.2 sccond is used in the earlier stage and then
increased 1o 2, 6 and 10 seconds in the later stages. The assumed log -
lincar models defines the initial state (void ratio, ¢, = 3.0 ; effective
stress, @', = 1.0 kPa; and permeability k = 1x107 m/sec ) and a final
state (void ratio, ¢, = 1.0; effective stress, o' = 100 kPa; and
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permeability. kp= 1x10* nv/scc ). The extreme states of the soil define
a large 50% strain consolidation.

Many of the broad conclusions Irom such a parametric study are not
unexpected, but are nevertheless uscful in the quantitative information
thereby provided. Figure 4 shows that for increasing the initial heights,
H,, of the soil. it takes longer time for the pore water to dissipatc and
hence longer time for consolidation. Figure 5 shows that by increasing
the number of layers. scttlement predictions remain approximately the
same beyond a 25% consolidation. Figurc 6 shows that the cflect of
ignoring self weight (G,=1.0) is to anticipate a slightly shorter time
for consolidation beyond 25% scttlement.

Review of Stress - State Permeability Relationships

Considerable  published information exist on attempts to
mathematically define the voids ratio cficctive stress and the
permeability effective  stress variations for soils during the
consolidation process. In the absence of any form of external siresses,
clay particles approach cach other to form physico-chcmically stable
clusters. Most scllf weight  consolidation analyses require the
identifiation of the "initial", or "zcro cffective stress” void ratio. Ina
sellting column study, Been and Sills (1981) ohserved the existence
of a framework of soil particles being formed.
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with non zero effective stresses. At this stage the cffective stress was
extremely small but the soil structure development marked the transfer
from suspension with non- Newtonian fluid bechaviour to a
consolidating soil whose bchaviour may be characterised by the
parameters and models of soil mechanics. On the basis of critical state
concepts, Wroth (1979) has indicated that all fine grained soils
equilibriate to their respective liquid limit at about 6.3 kPa. The water
content at the liquid limit state of soils is usually regarded as a
reference slate.

When a clay consolidates from its liquid limit, the cquilibrium water
content is proportional to its initial state. It has however been
recognized ever since Buisman (1936) that though small it may be, the
void ratio does continue to vary under a constant effective stress.

e =A(0)? (67)
Carrier et al (1983) proposed power function form variations betwecen
void- ratio and and effective stress and that of permeability with voids
ratio. and

k=Ce” (68)

Voids Ratio - Effective Stress Relationship

Further development of equation (67) was proposed by Carrier and
Beckman (1983) to give a somewhat more general cquation

o p
e = o +E
‘Palm]

where o, B and e, are related to the plastic limit (PL), plasticity index
(PI) and the activity (ACT) of the soil as follows;

(69)

@ = 0.0208 (PN)[1.192 + (ACT)""]

-0.143

=
n

™
1}

0.027(PL) - 0.0133(PN[1.192 + (4CD""]

Terzaghi theory of consolidation assumes a linear effective stress-void
ratio relationship of the form;

Lt
e=¢ -C, 0

This cquz_ation. though assumed within the Terzaghi small strain
theory, fails to adequately represent the rheological behaviour of the

clay completely, making the linearity questionable, particularly in the
case of large strains.

A morc commonly accepted form is based on a linear void ratio -
logarithm of effective stress as in,

e =e,-C, Logad

Where C, is known as the compression index. The extremely high void
ratios of very sofl soils deviatc from the above form as the variations
arc a complex power form as represented in cquation (68). However
a Log-Log form of the void ratio - effective stress variation is a more
appropiate form.

In this paper, the effect of these three forms on the consolidation
process is investigated between the initial and final states of the
hypothetical soi! discussed before. Accordingly the following forms
ofe=1f(s")areadopted in the simulation analysis;

e = 3.0202 - 0.0202 ¢’ (70)
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¢ =30-10Logo’ . (T

Loge = 0.4771 - 0.2385 Log o’ (72)
Void Ratio - Permeability Relationship

Monte and Krizek (1976) suggested a relationship for permeability
which was of the form :

I +e 73

where S and T are empirical constants. Koppula and Morgenstern
(1982) suggested a modificd power form as

k _ k
l+e l+e|,

where o is a subscript indicating an arbitrary reference statc and R is
an empirical constant.

Ik
= ] (74)

«

Samarasinghe et al (1982) proposed ‘a further power curve of the
form:

k(l +e) = Eel (75)

whilst Carrier and Beckman (1984) suggested a slightly modified
version of above in the form

k(l1+e) = G(e-H)’ (76)

where E , F, G, H, and J are ecmpirical constants which are functions
of the plastic limit and the plasticity index of the material. For soils
with a liquidily index of about 3 or more.will have the empirical
factors given by the following correlations;

G = 00174 (P1) % mls

J =429

H =0.027 [(PL) -0.242(,1)]

It is therefore very apparent that the voids ratio - permeability is far
from being linear. Monte and Krizek (1976) concluded that cven the
relationship between the voids ratio and the logarithm of the
permeability coefficient is nol a straight line, though this was
suggested by Taylor (1942). Despite this, many publications present
the voids ratio - permeability data in the form:;

e =e +C,Logd

Perhaps the Log ¢ - Log k rclationship is linear Samarasin
C < - [,

believe that Log ¢ - Log k (I + ¢) gives an cven bey
rclationship.

ghe ¢ al
€r lineﬂl"

. . - ing ¢ = [ ( k) rclationships arc assumeg
In this paper, the following ¢ el med a
their cITpccls investigated for the consolidation of the hypothetica Soil:

e = 0.9798 +2.0202 0’ o
e = 10.0 + 1.0 Logk (78)

Numerical Simulation

Ting (1990) investigated the cflects ofdilfereqt forms .of.permc:'xbimy
nd compressibility relationships on consolidation prediction, (Figures

Loge = 2.1465 + 0.2385 Log & (79)

7, 8,9 and 10). The soil was considered to consolidate from a fixed
initial condition (¢, 0, , ky ) to a fixed final condition (¢ , ¢" | k)
using different permeability and compressibility relationships. Further
analysis is published elsewhere (Ting et al, 1994).

Figures 7 and 8 show the effect of different permeability equations on
consolidation whilst the compressibility equation remains the same.
Relationship (b) shows a faster consolidation prediction than (a) but
relationship (c) is the fastest. All three curves are similar in shape for
both dissipation of excess pore pressure and the degrec of
consolidation. Figures 9 and 10 show the consolidation results for a
comparitive study of the more usual combination of compressibility
and permeability relationships. It is found that relationship (c) predict

a distinctly shorter consolidation rate than relationships (a) and (b)
which are similar.

Conclusions

Lagrangian description of an all encompassing one-dimensional
consolidation equation is presented in €quation 24 of this paper. The
re-derivation of the large strain consolidation equation has made it
possible to solve for pore pressures whilst allowing for the non linear
variations in the soil properties. The paper demonstrates that the form

of this equation makes it amenable for it's solution using a three level
finite difference scheme,

Tho.ugh the results from the parametric study somewhat confirms the

obvmqs, it helps to demonstrate the application of the numerical

analysis. It is shown that:

a) the consolidation lay
longer time to dissj

b) incrcasing the num
sensitive mainly in
consolidation.

¢) the effect of neglecting self weight is to give slightly shorter
tmes of consolidation beyond 25% consolidation.

The study presented of the effect of three different combinations of
relationships bet

Ween voids ratio, effective stress and permcabilﬁiy
havel shown that the adoption of a linear voids ratio permcabihl)’
rCla“(.mShip predicts distinctly shorter consolidation rates than the
associated logarithmic or semi-logarithmic relationships.

ers with larger initial heights require a
pate its pore pressures.

ber of layers for the numerical analysis is
the early stages upto about 25%
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ABSTRACT: Methods of analysing retaning structures account for some
of the earlicst publications in the ficld of Geotechnical Engincering. These
classical methods proposed by Coulomb (1776) and Rankinc (_|837)- arc
essentially hmit cquilibrium methods. They assumc certain ideal cqrth
pressure distributions around the structure. Influence of construction
processes such as backfill compaction cannot be accounted for by these
conventional methods. Also deformations, at or prior to failure could not be
predicted by these methods.

Kulathilaka (1990) developed a model using an analogy betwcen
loading/unloading in the compaction process and  cyclic K.
loading/unloading. The model is incorporated with an elastic-idcally plastic
Finite Element (FE) model to numerically simulate the backfilling and
compaction behind  retaining walls. Model is uscd here to analysc the
behaviour of a 10 m high gravity wall and two experimental retaining walls.
In the conventional design methods stability is assessed by comparing the
restoring  and disturbing moments for postulated failure mechanisms. An
alternative method where soil-structure interaction cffects and deformations
are accounted for, is also presented.

Introduction - An Overvicw

Earth retaining structures are built to support masses of soil which
cannot othenwise support themselves. Often the fill arca acquired by
building of the retaining structure will be used for some purposc
such as a roadway and thc deformations occurring in the backfill
while it is in use should be minimal for it to providc a satisfactory
service. In order to achieve this the fill behind the rctaining
structure needs some degree of compaction. This backfill
compaction applied during the incremental filling introduces
additional stresses on the wall. The classical theorics of Rankinc
and Coulomb do not account for these compaction cffects, but
Broms (1971), Ingold (1979) and Secd and Duncan (1983) have
proposed various theories to account for them.

The numerical model developed in Kulathilaka, (1990), simulates
the incremental filling and compaction process and computes the
residual stresses induced by the compaction process. The model is
incorporated within an clastic-ideally plastic FE stress strain modcl
and the wall movements imposed by compaction induced forces and
subscquent stress rearrangements arc computed.

By closcly simulating the complete backfilling and compaction
process. wall and soil dcformations and the lateral stress
distribution behind the wall arc compulted. The model is illustrated
by its application to simulate the backfilling and compaction behind
‘a 10 m high gravity retaining wall and two large scale experimental
walls. Lateral stress distributions and deformations derived using
the model. are found to bc in very good agreement with the
experimental observations.

Developments in the Simulation of Backfill Compaction

Compaction of a backfill with incremental filling is essentially a
loading/unloading process. Broms (1971) was the first to propose a
model based on this phenomenon. Considering the case of rigid non
yielding walls, Broms proposcd that for a previously uncompacted
soil elecment both the lateral stress and the vertical stress will

'Senior Lecturer, Department of Civil Enginecring, University of
Moratuwa, Moratuwa, Sri Lanka.

—

increasc along the K, line while the compactor is still on the
(Figure 1). When the compactor is removed the Vertical stress
returns back to the overburden  stress \'IILFC. In this phag, n
n in lateral stress was assumed until the ”"loading 0

SurfilCc

eductio :
:::uchcd the K, (K',=1/K,) line. Thereafier both stress componre)?:lh
reduced along a Ko line. Subsequently, with the placing anj

tion of further layers over the soil clement, lateral stregs iy
ease until the ratio, oo, is reduced (o i
ncrease followed the K, linc. o

compac
not expected to incr
Thereafter the stress i
With the intention of extending the aboyc m_odcl 0 yiclding walls
Ingold (1979) assumed that the wall will 'ylcld laterally to create
active conditions at the back of the wall whilc the compacior js Still
on the surfacc and thus considered that !Ilc loading would take place
along the K, line. When the compactor is removed from the surface,
vertical stress will reduce without any reduction of the horizong|
stress until it reaches the K, linc and the behaviour follows the K,
line thereafter. In effect K, and K, lines in the Broms (1971) mode
were replaced by K, and K, lines in the Ingold (1979) model.

Duncan and Seed (1983) proposed a complctely new approach for
the compaction simulation. For a non yielding wall a similarity was
found between the loading/unloading process in compaction and K,
type cyclic loading/unloading. Based on this principlc a model
named. ‘Hysteric K, loading unloading modcl’ was formulated.
Albcit complex, it showed an excellent agreement with the observed
K, test behaviour. The model was defined with five parameters q,
B K, K4 and ¢, which are ideally determined through X,
loading/unloading tests (unloading following a non-lincar path
whilst loading follows a linear path). Using empirical data a bi-
lincar approximation to the non-linear model was derived. Figurc 2
illustrates how the non-lincar model was approximated by the bi-
linear model. Loading takes place along K|, line and K linc whilc
unloading taking place along the K, line. The limit to the unloading
was defined by the K’y 4 line.

Eltective overburden pressure,C,
N

Actuol relotionship

CH

Elfective tatarol earth pressure, O,

Figure 1: Earth pressure against non yielding walls (Broms. 1971



N

’
Ty, equiv

Figure 2: Bilinear loading/unloading model

(Seed and Duncan,
1986).

The fundamental idea of Kulathilaka (1990) model was derived
from the Sced and Duncan bi-lincar model. Modifications were
made to produce a close simulation of the compaction process and
the numerical techniques employed incorporating the clastic idcally
plastic finitc clement model is presented in the following sections.

Basic Structure of the Compaction Simulation Model
Quantification of the C, ompaction Effort

Compaction effort applicd at the surface by the plant is simulated
by application of a lateral stress profile at the current surface level.
The carly approach was to obtain a vertical stress distribution below

a load and to multiply it by K,, or K, to obtain a lateral stress profile.

The present approach was adopted due to the inaccuracy of the
carly approach in the simulation of stresses imposed by plants of

finite dimensions. Elastic theories were employed in the derivation
of stress profiles.

In practice. compaction plant will not be taken right up to the wall.
A certain minimum distance is kept between the wall surface and
the edge of the compactor. Thus a typical imposed lateral stress
profile "near the wall’ and “away from the wall in the free field’ will
be as depicted in Figure 3 (a) and (b) respectively. The model
interpolates the compactor imposed lateral stress 4a,, for the soil

Lateral streas (kPa)
00 0 2 ]

Depth (m)

20

3.0

(a)

Figure 3: Compaction induced lateral stress profiles: a) near the wall b)i
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clement under consideration using the depth to the Gauss points of
the clement.

Influence of Compaction on a Soil Element

Loading of an clement: Prior to the present compaction increment
the lateral stress level of a typical soil element in the backfill will be
ina K, state (4, ), higher than K, statc (A, ) or lower than K, state
A3 as shown in Figure 4. An clement which has cxperienced no or
very little lateral movement would be in a K, state whilst an
outward wall  movement  would reduce the lateral stress. A
previously compacted clement would have higher than K, lateral
stresscs.

II'the initial stress state of the element is either K, or lower than K,
. lateral stress and vertical stress will increase in a path parallel to
the K,, line, while the compactor is still on the surface. If the initial
stress state is higher than K,, | stress increasc will follow a path of
slope K till it mects the K,, line and follow the K, line thereafier.

Four nodded isoparametric elements with four Gauss points are
cmploycd in the Finite Element formulation. Each Gauss point of an
clement is considered separately in the compaction simulation
subroutine. Compactor imposed lateral stress increase 4oy, is
interpolated  depending on the depth from the surface. When the
stress state is K, or lower, the lateral stress will increase by 4o,
while the compactor is still on the surface. When the initial stress
state is higher than K, , lateral stress increase will be smaller due to
the initially stiffer response. This is implemented by computing an
‘equivalent vertical driving stress’ Ao, = 4o, ./ K, (refer Figure 4).
The compaction model identifies the present stress state in the
Gauss point under consideration and takes it along the appropriate
stress path. Various numerical procedures are employed to capture
the turning points and to implement the stress path.

Unloading due to the Removal of the Compactor:
in both the vertical and horizontal directions will take place along
the K, linc during the removal of the compactor. If the unloading
path meets the K, line prior to the reduction of the vertical stress to
the overburden value, unloading will follow the K’; line thercafter.
Thus an unloading path of the form "B-C-D" will be followed (refer
Figure 4). Certain numerical techniques are employed to capture
point C and to impose the path CD. The residual stress increase at
the end of the compaction process is denoted by 4oy,. Figure 5 (a)
depicts a case where K', linc is met during the unloading and

Figure 5 (b) depicts a case where unloading ends between the K,
and K'; lines.

Stress release

Lateral 5 kP
00 0 P

2 %

Depth (m)

20

0

(b)
n the free field.
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Components of Lateral Stress: Lalcra.l stress in an clcr:ﬁgl l:
scparated into two parls as a) Geostatic Stress. .0',,,,,,, o
Compaction Induced Stress, Gy cump purely for analytical pu~rpo~ .
induced stress  component is obtained by

The compaction
) 3 e il e {over
accumulation of the residual stress increascs in the soil elemen
the compaction increments, i.c.
(N
Ty Comp = Z AU.r_r
mceremenis (2)
O x geo Ox = O« Comp

Compaction Induced Forces on the Wall

By taking the Gauss points of a soil clement through the
compaction simulation model residual lateral stress incrcases are
computed. The contribution to the lateral force on the wall from a
soil clement adjacent to the wall is computed by

Height of the clement x Residual stress

IForce on the node
increase x 0.5

By taking all the soil clements through the model the nodal force
vector an the wall for the FE computation can be assembled.

Simulation of the Compaction Effort by a Single Increment

When the soil fill is compacted at a certain elevation, the compactor
will pass a number of times over the current surface. This will
cause residual stress increases in the soil and the forces thus
induced on the wall will cause wall movements and stress
relaxation. Nonetheless, on-going compaction will reintroduce
some of the relaxed stresses. The influence of surficial compaction
in regaining these lateral stresses diminishes with depth. Numerical
procedures described below are employed to model the compaction
effort applied on a fill layer with a single numerical increment in the
model.

The geoslatic stress component of a soil clement is compared with
the lateral stress increase imposed on the element by the current
surficial compaction effort. If the former is larger than the latter the

Ag

nt is said to be below the etigettye Wepii oF €Ompactiop,
Jements above the “cffective depth of COMpactjgy,
ted to rcgain the lateral stresses relaxed dye 10 the
The modcl compares the stress componens hd
ordingly.

soil eleme
cffort’. Soil ¢
Effort’ arc expec
wall movement.

labels cach soil clement acc
Finite Element Computation - N
The FE model employed in l_hls analysis is bluw on an elasiic.
ideally plastic formulation. F:pllc cle:x?cm simu d‘llon of backfilljy,

and compaction behind retaining wal \ Con‘S'ST oltwo lYPc_s T
increments. They arc a) placement increments (wall or soil) ang b)

compaction increments. . |
In thc placcment increments dead weights anq horizontal K, loads
imposed by the newly placed clements are applied at the appropriate
nodes. Newly placed elements are assigned very Smal! StifMnesses,
For compaction increments, forces duc ‘O.Compacuon gt
stresses arc computed and asscmbled as.dcscrlbcd above. The finite
clement model computes the deformations in the soil duc to (he

ed system of forces and also computes the subsequent stress

appli ; S . ! .
rcarrangements. Certain conditions are imposed in this stresg

rearrangement phase. They are:

a) In the compaction increments no lateral stress reduction g
allowed in the clements above the “cffective depth of
compaction’. This will account for the rcgaining of stresses by
the clements closer to the surface duc to the later passes of the
compactor. (i. ¢. simulation of number of passes of compactor
with a singlc load increment.)

In both types of load incremcnts lateral stress incrcascs in the
alrcady compacted elements arc governed by the compaction
simulation model.

In the soil clements below the effective depth of compaction, lateral
stress relaxation computed by the FE model is applied. This stress
relaxation is supposed to be shared by both the geostatic and the
compaction induced componcnts. The share taken is proportional to
their current value. The values of O e ANA Oy omp are updated
accordingly.

b

-

v

Fi . .
tgure 4: Compaction simulation model
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‘The founding soil. concrete wall and the bac}&flill were modcllcq by
inati igh Gravi o i in Figure 6. Critical material propertics arc given
Application of the Model to a 10 m High Gravity !hgl;rxcs:ifef;lﬁfdAlll lh%: B e macllcd s, Slie coveis
Retaining Wall "l] ml:nls([’;l'o account for the relative displacement between the

rical model discusscd in the preceding scctions was b ckt'll . d the wall, onc dimensional interface clements were used
:hcli::?;esimlnlnlc the backfilling and compaction of a cohesionless ?lgfnlaltlﬁzl’:ka 1990). ’
535 behind a 10 m high 5 m widc gravity retaining wall.

S
N
Ki line
. K
KZ Ko line . /
K
N
7
FIGURE 5(a) FIGURE S(b)
Figure 5: Loading/unloading during compaction.
=§ back fill
Backlli properties
E = 715MN/m Efun/Eracrpin = 4 foundation
¢ = 380 K, = 1265
< = 00 Ky = 0.21
v = 192&N/m? Ky = o0
20.0
150
100 [-== : | =
5.0 -
0.0 - 1 1 1
20 10.0 . 20.0 30.0 40.0 50.0 54.0

Figure 6: Finite Element Mesh used to Model the 10 m High Gravity Retaining Wall.
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Figure 7: Lateral stresses and deformations - 10 m high gravity wall.

The initial compaction of the foundation soil prior to the
construction of the concrete wall was first modelled. Then the
construction of the wall was modelled as a single load increment.
Thercafier the backfill was placed and compacted in layers till it
rcached the full height of the wall. Each soil layer placed was
compacted prior to the placement of the next layer.

Two other backfilling conditions were also simulated. These
conditions were a) Backfilling of the soil without compaction, and
b) Backfilling and compaction in layers under the assumption of
rigid wall conditions.

Under the first condition a FE simulation of backfilling was carried
out producing the lateral stress distribution behind the wall and
movements of the wall and backfill. Under the second condition
backfilling and compaction was simulated by the compaction
simulation modcl. but the stress relaxations duc to wall movements
were not considered. Thus this is not a real FE simulation.

The lateral stress profiles at the back of the wall under the above
described  conditions arc  depicted in  Figure 7(a) and wall
movements under compacted  and non compacted conditions are
compared in Figure 7(b). The comparison of compacted and non
compacled profiles illustrates the increases in lateral stress due 1o
compaction. These increases depend on the compaction cffort and
are most significant ncar the top of the wall. The influence of
surficial compaction on layers further below is minimal. Lateral
wall movements with the compacted backfill are larger than the
same with the non compacted fill because of the larger lateral forces
induced by compaction. Larger residual stresses induced in (he soij
due to the compaction and the influence of on going compaction
prevent the reduction of lateral stresses below the non compacted
values. despite larger wall movements. The profilc

Figure 7(b} outlines the total wall movement from

filling. The movement of a soil clement from its “as
state” gives a better indication of the lateral stress relax
even with the non-compacted backfill ful] aclive condj

depicted in
the start of
compacted
ation. [n facl
tions are not

rcached at any depth duc to insufficient wall movements. This is
partly duc to the stiffer foundation. a foundation to backfill
modular ratio of 4.0 being used in this instance.

The lateral stress profile obtained assuming rigid conditions in the
continuum is an idealistic stress profile. The difference between the
values given by this profile and the compaction simulated FE
analysis is an indication of the relaxation of the compaction stresses
due to wall movements.

Application of the Model to Back Analyse TRRL Wall.

A detailed description of this experimental set-up is given in Carder
ctal (.l977). This is one of the best documented and best monitored
experiments available. Set-up depicted in Figure 8 comprises of a
!nclal rctaining wall consisting of three 2 x 2 m metal panels making
ita? m high 6m wide wall and a meter thick concrete wall on the
opposite side. All the measurements were made in the central
section. Backfilling and compaction were donc in a manner very
sm?llnr to that in an actual field situation. In this research scparate
finite clement back analyses were performed on the concrete wall
and the metal wall.
Metal Reluining Wall
General: The

Finite Element : . I
i i mesh use ctal wal
Is depicted in F ¢d to idealise the m

by Carder ¢t all(g:l;?;?g' In accordance with the neutral axis dcﬁnt:'d

continuum exteng ) through the centrelinc of the set-up. 2 soil

the FE study, Aq “l]ng Up to the defined ncutral axis is discretised for

axis, only vL:n- . lc nodes along the vertical boundary at the neutral

divided i Ica "10V0n1§rlls were allowed. The soil mass was
Into 127 plane strain clements,

Mectal retainj

the sn|:1cl:Ltlrnllll:ig(‘:lr::llF Was modelled by eight beam elements. Due 10

wall by plane slm?s (I)f"lhc wall, it is obscrved that modeclling (Ihc

and would noy m;)dn‘le :.mcnts would give it an unrealistic riglfiﬂy

supported systems ¢ the flexural nature of the wall, The two jack
Were modelled as spring support conditions.



All the nodes at the basc of the set up on the concrete {loor were
assumed Lo be restraincd. The nodes on the lelt boundary up to the
level of the base of the metal wall were also réstrained. There will
be a relative movement between the sand backfill and the vertical
concrete boundary and also between the metal wall and the backfill,
during the backfilling and compaction process, This was accurately
modelled by deploying one dimensional joint clements along those
boundarics as depicted in Figure 9.

Simulation of backfilling and compaction: A uniformly graded
washed sand was used in this experiment. Sand was placed in 0.2m
thick layers. The compacted bulk density was 0.2 Tonnes/m’ and ¢
was 38.7 degrees. In the FE mesh used in this study clement laycrs
are of thickness 0.25 m. Thus the soil is modelled to have placed
and compacted in 0.25 m thick layers.

The soil was compacted by six passes of a 1.3 tonne twin roll
vibrating roller. The quantificd profiles of "Compactor imposed
lateral pressures’ similar in shape to thosc in Figure 3 arc applicd at
the surface level of each layer during the incremental compaction.
The closest the roller came to the retaining wall was a distance of
0.15 m. The compactor induccd lateral stress profiles were
accordingly computed.

Incremental  placement  of layers and  their  compaclion  was
simulated as described before.

Observations and discussion: The (inal lateral stress profile on the
metal retaining wall computed using the above numerical process is
presented in Figure 10(a). Also the average lateral stress profile
observed by Carder ct al. (1977) in their first experiment is
presented in the same diagram. [t can be scen that the values
predicted by the numerical model are in excellent agreement with
the experimental observations. Towards the deeper levels the
relaxation of the lateral stress due to the deformations is also
notable. It is also cvident that the lateral stresses computed are
much greater than the K,, values over the whole depth.

Carder ct al. (1977) presented the displacements at wall nodes in the
form of, ‘the displaccment at each level of the wall from the stage
when soil was first compacted at that level until compaction to the
full height was complete’. The corresponding displacements at the

Movable metal
retaining wall.

Load cell
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wall nodes were evaluated in this numerical study. using the
cumulative displaccments at various stages. The comparison of
computed displacements with Carder et al. (1977) experimental
observations is depicted in Figure 10(b). The numerical results and
the observations are in very good agreement, over the full depth of
the wall.

The casc of the incremental building up of the backfill without
compaction was also studicd. Figure 10(¢) compares the lateral
stress profile computed for this case with the one obtained for the
compacted backfill. The higher lateral stresses generated in the
compacted backlill are quite evident.

TRRL - Concrete Retaining Wall

General: The finite element mesh uscd to study the behaviour of
the concrete retaining wall is as shown in  Figure 11. In this case
the continuum used for the study was extended further than the
neutral axis defined by Carder et al. (1977). The rigid concrete base
was also modelled using plane strain clements and exact shape of
the wall was considered. The thick concrete wall and soil clements
were also  modelled as planc strain clements. To allow for the
relative displacement between the backfill and the rigid concretc
wall onc dimensional interface clements were used.

Simulation of backfilling and compaction: Being in the samc set-
up the backfill placement and compaction procedure was the same
as that for the metal retaining wall. Therefore in the numerical
simulation process thc same procedures as for thc metal rctaining
wall were adopted and the same compactor imposed lateral stress

profiles werc used.

Observations and discussion: The final lateral stress profilc acting
on the concrete retaining wall computed using the numerical model
is depicted in Figure 12 (a). The lateral stress measurements made
by Carder et al (1977) are also presented in the same Figure. The
computed values are scen to be in very good agreement with the
experimental obscrvations. The differences between the observed
and computed values are smaller than the scatter within the
observations themselves. Also the lateral stress values are
somewhat higher than those for the more flexible metal retaining

wall.

Reinforced concrete wall.

J
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Figure 8: TRRL expcrimental wall set up (after Carder ct al. 1977)
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Figure 9: FE mesh - TRRL metal retaining wall.
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Figure 10: TRRL metal retaining wall - Comparisons.

Over the top 2 m depth of the wall, the lateral stresses are much
larger than K,, valucs. Over the lower | m depth the compacted
profile is only slightly larger than the K, values. Similar
observations were also made with Broms (1971) and Ingold (1979)
theories. When the wall is tall enough, beyond a certain depth
lateral stresses were around K, values. This in fact is an illustration
of the diminishing influence of the surficial compaction on these

us @
l(')w,:r layers (Metal retaining wall was only 2m deep and [hwal y
similar behaviour was not exhibited.) Any rotation of ¢

t
. gt the
leading to a lateral stress increase ncar the toe was inhibited bY

concrete trough.

. nai
The deflections of the wall were also computcd and lhcinﬂl“m
deflected shape of the wall is shown in Figure 12(b)- The maglmm.
total deflection at the top of the wall is found to be less than U-
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- qifies the assumption made by Carder et al. i.c. that the wall the restoring and disturbing forces f)r morpcnls are c.omp?r:::.
This justit because of this rigidity no relaxation of stress will ~ These methods cannot account for dt:formam)n properties of the
s rigid: Ao ’C'i;‘ l:lcclion of the wall, and this resulted in much backfill and foundation subsoil, the stiffncss of.lhc retaining w?||.
occur due w-lhc cr the metal wall ‘ the soil-structure interaction and the associated construction
higher stresses than for all. sequence,

Evaluation of Stability of Retaining Structures A new stability evaluation technique termed “Nodal Displacement

Mcthod® which overcomes most of above limitations is used here to

X ini all 4 i / by limit bk i
The safcty of the retaining wall is assessed conventignally by assess the stability of retaining walls.

equilibrium mcthods in which a failure mechanism is postulated and

Figure 11: FE mesh - TRRL concrete retaining wall
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Figure 12: TRRL concrete retaining wall - Comparisons.
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NODAL FACTOR

.
DISPLACEMEN

Figure 13: Nodal displ

Nodal Displacenent Method

This method is basically a test of the stability of
responsc to reduction of strength and stiffness properti
based on Finite Element Method. a complete solution is provided.
The soil strength and stiffness properties used in the FE simulation
are reduced by a factor I/N, where N is the ‘Nodal factor’. The
displacement at a critical point (such as toe or top of the wall) is
noted.  Several analyses are performed with increasing N values.
The displacement of the “critical point” will gradually increasc with
N initially. and then start lo increase at a rapid rate. The nodal
factor corresponding to this point of change. (refer Figure 13) is
termed the ‘Critical Nodal Factor™. N,, and this could be considered
as an alternative to the traditional Factor of Safety.

Possible combinations of parameter reduction: In addition to the
standard soil strength and stiffness parameters (e, ¢, &, and E), threc
other parameters (k. k% and &) are introduced by the compaction
simulation algorithm. These compaction model parameters govern
the lateral stresses that could be sustained in the soil, the
compaction induced forces acling on the wall and the 4o, versus
Ao, relationship during loading/unloading. Therefore the reduction
of specific parameters by the "Nodal Factor’ is more complicated
than for a simple non compacted backfill and could be performed in
several ways. Extensive preliminary investigations were carried out
1o identify the critical variables and the most appropriate method of
paramcter reduction.

The parameter K is a function of ¢ and controls the amount of
residual compaction induced stress that can be sustained in the
clement. If the K'; values are also reduced according to the ¢ value
(i.c. $u=tan’(tang/N), the residual lateral stress increasc due to
compaction and thereby thc compaction induccd forces on the
structure will also be reduced. This will in turn cause a reduction in
wall movements. Some reduclion in "lateral stress relaxation due to
the wall movements’ could also be expected. One serics of analyses
was performed where all the parameters (c, ¢, K*; ) were reduced,

the structure in
¢s. Since it is

It should be borne in mind that the reduction of properties through a
nodal factor is only a hypothetical phenomenon. The acglu |
sustainable residual lateral stress increase due (o compaction aztj
therefore the compaction induced forces on the wall woulc‘i ’
change, regardless of the nodal factor used in the analy:i(;l

acement method - Critical Noda

critical  point

o

>
T AT THE CRITICAL POINT

| Factor

ries of analyses was done without changing any
of the compaction simulation model parameters.

Examples: The sample problem used for this analysi§ isa4 m high
gravity retaining wall with a width of 1.4 m. Backfilling behind the
wall is assumed to have taken place in Il increments. The
geometry and FE idcalisation of the problem is similar to that of the
gravity retaining wall in Figurc 6. The backfill was assumed to be a
cohesionless soil. Two different fcundation conditions were
assumed; a ‘stiff’ foundation with a Ef/Ebacn 1atio of 4 and a
“soft’ foundation soil with the same modulus as the backfill. In
some cases only the backfill propertics were varied, whereas both
the backfill and foundation properties were varied in other cases.

Wall on a “Stiff Foundation: If the conventional FOS against
overturning is computed with the assumption of active conditions at
the back of the wall a FOS value of 2.2 is obtained. The lateral
stress profilc at the back of the wall with compaction simulation is
depicted in Figure 14. Using this working stress profile a FOS of
1.2 against overturning is obtained.

Therefore another s¢

In the nodal displacement method strength and stiffness parameters
of the backfill and the foundation and the compaction model
paramctcrs are reduced in different ways.

Backfill .paramclers varied. Foundation properties kept constant.
Compacthlon model parameters kept constant: In this serics
compaction model parameters of the backfill were also reduced by
the nod'al factor, together with the strength and stiffness propertics.
Reduction of the parameter K*; reduced the residual compaction
induced stresscs and thereby reduced the strengthening effect duc to
compaction. After a nodal factor of 2.52 was exceeded the
numerical solulion did not converge. If the incremental construction
S:I;):leizsn was sn'n}uIated allowing high unbalanced loads when the
was calcar:tsec;‘ml":jg to converge, a large increase of displacement
S — nevash epicted in lflgure. 15. This displacement valuc IS
con ; ert o:eless it indicates that the nodal factor of 2.52
esponds to the inception of failure.

E:f:n?lltc?:dl(l:oundaﬁo“ Propertics Varied. Compaction Modc!
foundation Slr:pt Constant:  In this series of examples the
same nodal fa:i;lh and stiffness parameters are also reduced by th®
compaction mo d:|r as for the backfill properties. However, thT
and the foundati parameters were not reduced. Thus the backfil
stresses as fo on will sustain residual compaction induce

r the real soil. The compaction induced forces on the



1 same while the strengths arc being rcduccd\. As with
ct the displacement at the nodal factor of 2.4 was
lerating high unbalanced loads. Thus a nodal
d 2.4 indicates the inception of failure (refer

wall will be !

. previous S
while to
petween 2.2 an

*Soft’ Foundation: In these examples the wall was

be founded on @ soil with the same modulus as the

il wength of the foundation soil was also decreased

backfil T.heusc initial examples. the reduced stiffness and strength

fmnI\ lh‘f‘o‘u“"‘da:ion yiclded lower safety factors as illustrated by the
of the

all on &
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following cxamples. The obscrvations arc compared with a non
compacted backfill on the same foundation.

Sincc the CP 2 dcfinition of FOS on overturning does not account
for foundation stiffness, this wall will have a FOS of 2.2 against
overturning (i.e. active stresses assumed). The lateral stress
distribution at the back of the wall with the compaction simulation
is presented in Figure 17. Using these FE working stresses a FOS of
1.36, marginally higher than the previous case on stiff foundation
was obtainecd. This is because of the smaller lateral stresscs
resulting from increased wall movements.

4.00 e
i \ ]
g \ ;
| \ 4
3.20 | \ :
: \ ]
L ! ]
O \ z
,, 2.40 \ =
- - 4
a L P 1
x o 4
W EONF=10 | :
— L \ 4
o + 4
z 1.60 ! 5
g g \ ]
o
[ed L \ ]
= C \
5 =
£ o0.80 [ Yo
[~ ——-Rigid wall \ ]
s —e—Deflected wall LA
r \ ]
[ ]
0.00 PYPP PYTTY UYL FUUYY PPVTY DTTTE POV IOV

0.00

15.00 30.00

LATERAL STRESS (KPo)

Figure 14: Lateral stress profile for 4m wall - NF=1.0

3.00 [ e

\AASRARAR SRR RS SERESE S

1T

2.50

T

2.00

o
o

NODAL FRCTOR N
Q
=}

ryrTTYTr Y

o
[0y
o

0.00

0.00 2.00 4.00 .

T PR DTS W e

P

"

6.00 8.00 10.00

HALL MOVEMENT (mm)

Figure 15: NDM plot - Vary backfill and compaction model parameters.



24 GEOTECHNICAL JOURNAL

Compaction model parameters kept constant. Foundation
parameters kept constant: In this serics of computations ?nly the
strength of the backfill are reduced by the nodal factor. Neither the
foundation properties nor the compaction model parameters werc
altered. Afler a nodal factor of 1.6 large movements were observed
(refer Figure 18).

Compaction model parameters kept  constant. Foundation
properties are also reduced: Foundation propertics were also
reduced by the nodal factor in this sct of problems in addition to the
backfill and interfacc properties. The compaction model parameters
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wall withoui compaction is simulated for the wall foup ded's nd the
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The lateral stress profiles for the compacted and non compacieg :

when the nodal factor is 1.0 are compared in Figure 20, Usin fill
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The results of the two nodal displacement method analyses with and
without the reduction of foundation propertics arc presented in
Figure 21 and Figure 22 respectively. The safety factors of 1.17 and
1.32 achieved in the two instances arc much smaller than the value
of 1.78 computed using FE working stresses at the back of the wall.
Both salcty factors are smaller than the corresponding oncs for the
compacted backfill. This highlights the strengthening of both the
foundation and backfill due to compaction.

Discussion

It is interesting to note that for the compacted backfill the NDM
safety factor was larger than that computed using the FE working
stresses and for the non compacted backfill it was not the case.

As cxpected the use of FEM calculated stresses in the conventional
code analysis lead to unrealistically low values of FOS. This is
because the analyses make no allowance for stress release as the
wall yields under the influence of the lateral stress.

For the ‘stiff foundation soil the NDM analysis with varying
backfill and foundation strengths gives an answer close to the CP2
analysis, but this is at least partly fortuitous, as the foundation soil
strength does not enter into the code analysis.

The NDM displacement vectors indicate basically overturning
bechaviour, which agrees with the assumption on which the CP 2
values were calculated.
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For the "Soft" foundation with compacted fill nodal displaccment
mcthod yiclded safety factors of 1.4 and 1.6 for the !wn cascs
considered. But the conventional CP 2 value for overturning would
of course remain at 2.2.

For non-compacted backfill the NDM critical nodal factors are
signilicantly reduced, because of the lower stress and hence lower
strengths in the retained soil.

It would seem on the limited evidence prescnted that foundalign
stiffness. which is ignored in conventional methods, has a major
influence on the dcformation pattern and hence.  through
displacement induced stress relaxation. on the safety factor.

Conclusions

By combining the compaction simulation algorithm with the finite
clement stress analysis program, backfilling and compaction behind
a retaining wall can be numerically simulated. Compaction induced
residual stresses in the backfill generate larger stresses at the back
of the wall than for a non compacted backfill. The additional latcral
forces applied on the wall increase the lateral wall movements,
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causing some relaxation of the lateral stresses. Nonethel
wall movements arc not sufficient to reduce the lateral g
the non compacted values.

€SS these
resscs lo

The numerical model is used herc to back analyse

i ini 0 well
instrumentcd  actual  size retalmpg walls. B“Ckfllling it
compaction procedures adop\cd in the field ang Structura|
configurations were closely simulated. Backfill compaction =

increase the lateral stresses on the walll froma non-compacted casc
Lateral stress profiles and wall deflections c_ompulcd by the mode|
arc in very good agreement with the obscrvations made ip the fielg

Investigations  have bcer) described \vhich. demonstrate the
application of the Nodal DISpIaCCﬂ"ICI"Il Mecthod in the calculation of
the stability of retaining walls. Unlike conventional methods, (he
NDM does not requirc assumptions as to the failure mechanism
and can readily model construction sequence including Compaction,
The complex wall-soil interaction cffects which occur in Practice
are automatically allowed for. and with further refinement, the
method could provide a useful alternative to existing, less than
totally satisfactory design methods.
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aturated

esidual soils are partially s
d by the flow of air or walter

through the soil and hence

ABSTRACT: It has been shown that r
soils whose consolidation propertics are governc
or both. In many cases it is the air which flows
conventional analysis grossly under-estimates the rate of scttlement. An
alternative method is proposed for predicting the rate of settlement. It is
also shown that in the standard oedometer test on residual soils, only a very
few readings are available in the primary consolidation stage, and her_lcc
only approximatc values can be obtained for the primary compression
characteristics. It is recommended that the standard ocdometer be used _for
predicting the primary compression characteristics of thesc soils by closing
the lower drainage valve and thus doubling the length of the drainage path.
Finally, the method is used to predict rates of settlement in the ficld, and
relatively good agreement is obtained between the observed and predicted

rates of scttiement.

Introduction

The current approach in the prediction of consolidation scttlements
and the rates of settlement of clayey soils in the ficld consist of
carrying out laboratory tests on thin samples of this soil (usually of
the order of 20 mm or so), and then using these laboratory results
with an appropriate theoretical model for consolidation to predict
the field settlements. In many situations, the Terzaghi model for
consolidation is used as the appropriate theoretical model, and it is
also the most widely used model for residual soils. However, when
this method is applied to the case of residual soils, three major
problems have been identified. These are:

a) the variations in soil properties of these soils from placc to place
are so large. that it is questionable to use the results from a test
on a 20 mm thick sample to determine the consolidation
properties of the soil at a site. The present method adopted to
overcome this shortcoming is to test a large number of samples
from different locations and at different depths (as is
cconomically feasible), and then calculate the *“average”
consolidation properties for the site.

whereas the Terzaghi theory predicts a lincar variation of the
degree of consolidation with the square root of time at the initial
stages of consolidation, in actual practice this part of the curve is
found to be continuously curved. This gives rise to difficulties
in determining the constants for the Terzaghi model.

¢) the rates of settlement taking place in the field arc much faster

than predicted; (Thurairajah et al., 1980).

Thurairajah et al. found good agreement between the predicted and
measured total settlements during the pre-loading of a site where the
predominant soil was a residual soil of lateritic origin. However,
for the rate of settlement, they found that whereas they predicted
that about 85% of the settlement will occur in a period of 4 weeks
the settlement was almost complete within one week. It wa_;
computed that if the theoretical analysis was valid, then this meant
that the permeability of the soil in the field would have to be about
25 times the permeability of the soil in the laboratory specimen.

b

-

teristics of R

'Senior Professor of Civil Engineering, Department of Civil
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esidual Soils

—_

Thurairajah et al- offered the g)f;).lanalion lhal' the lateritic Soils
have higher horizontal permcabilities than vertical permeabiljiqg
becausc of their cellular st.rut':lurtl: with interconnected channe)
which allow for the lateral dissipation of pore pressures. Althougy
this is possible, it is unlikely to be the complete answer.

The Geology and Structure of Residual Soils inclusive of

Laterites

rmed by the weathering of the parent rock, and the
residual oils (as opposed to transported soils) lie immediately above
the parent rock. Laterites are a commor.lly occurring residual soil i
hot wet climates where the parent rock is broken down by a process
termed laterisation. In this process, the soils arc subjected to
repcated alternate wetting anq drying; and the water which
percolates down during the rainy season removes soluble salts
Jeaving behind residual irort and aluminium oxides which give the

soils their characteristic colour.

The analysis of the results of several residual soils of Sri Lanka by
Tennekoon ct al. (1986) has shown that most of these soils fall into
the categories of clayey sand and sandy clay. with very little silt. It
seems probable that most of the silt has been removed by the
percolating water during the rainy seasons, but the clayey particles
have resisted erosion because of their cohesive bonds. These clayey
particles together with the sand and the remaining silt are bonded
into larger concretionary aggregates by the cementing action of the
iron oxides produced by leaching. The voids between these larger
concretionary aggregated are relatively large, and they account for
the higher permeabilities that are usually associated with many such
soils.

This physical model for residual soils also explains the relatively
large secondary consolidation settlements that have been measured
in these soils. It is postulated that the concretionary structure is
broken down with time, as the soils move into a more stable
configuration under the effect of applied stress, thus resulting in
secondary consolidation settlements. While this may not be the
only reason for the secondary settlements, other factors such as
crcep may also be present.

Soils are fo

Conventional Method of Anlysis of the Consolidation
Test Results of Residual Soils for the Determination of
the Rate of Settlement

In the standard consolidation test, a soil sample about 20 mm thick
is loaded jp an oedometer and the “settlement-time’ readings ar¢
taken over a period of 24 hours for each increment of stress. The
typical results from such a test on residual soils are shown in Figure
1. These results show that .

a) the initial portion of the *settlement-square root of time’ curve is
non -linear; and
b) th.erc are relatively large secondary compression characteristics
with the settlements continuing even after the dissipation ©
T €XCEeSS pore pressures. :
cg::;iitg:l?on? o “989) report the analysis of the results of
based on th ESon (esndUa( soils for 37 samples. The results are
Otier pre e:t' conventional ‘mcthod of analysis described.bcllow-
Atterbe ‘[), ies of these soils such as Particle Size Distribution
T8 Limits, etc. are reported in the same paper.
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Figure 1: Typical Results from a Consolidation Test on a Residual Soil.

In the conventional method of analysis for the determination of the
rale of settlement, the consolidation settlements are divided into 3
components: immediate, primary, and secondary componcents. Each

of these components has a different governing cquation for
determining its settlement behaviour with time.

In this analysis, the immediate settlements are assumed to be
instantaneous, i.e. time independent, with the driving out of some of
the air in the soil voids. i.c. compaction type of phenomenon. The
primary consolidation scttlements are those which take place due to
the expulsion of pore water (with the dissipation of excess porze
waler pressures), and it is often modelled according to the (VH?)
relationship. The secondary compression settlements are dcfined as
those which occur even in the absence of excess pore water
pressures. Often the rate of secondary compression is modelled
assuming it to be independent of the thickness of the clay layer.

Therefore, in the conventional method of analysis adopted, the first

Slep was 1o scparate the three components of settlement in the
laboratory oedometer test.

As the Terzaghi theory of primary
consolidation predicted a straight line relationship between the
scttlement and the Squarc root of time at the initial stages of primary
compression, the method of separating the settlements commenced
with the construction of the initjal straight line portion of the
‘seltlement-square root of time’ curve. In the analysis of all these
rcsul'ls. this created a difficulty as the experimental curve was
conpnuously non-linear, Therefore, a - certain amount of
subjectivity was involved in the construction of this line, One such
altempt is shown i Figure 1.

Once the straight line had been constructed, the immediate
SC!llcmcn} Was read off by determining the point of intersection of
this Straight line with {he scllement axis.  Terzaghi primary
consolidation theory was used 1o evaluate the ultimate primary
compression, and (hys the seconda

The different

n was cvaluated,
com

ry compressio
Separately against

ponents of settlement could

Analysis of Consolidation Test Results of Partially
Saturated Soils - Method due to Yoshimi and Osterberg
(1963), and Barden (1965)

Experimental Studies of Yoshimi And Osterberg (1963)
It was already

noted in the previous section that residual soils are
partially saturated soils; i.e. they consist of a 3

soil, air and water. The study of the consolidatio
material is more com

of the presence of
upto date.

-phase medium of

n process of such a
plex than the study of a saturated clay (because

air), and has received relatively little attention

A detailed experimental study of the compression of partially
saturated cohesive soils has been reported by Yoshimi and
Osterberg (1963). They carried out consolidation tests on
compacted samples of a silty clay. Their experiments were
designed so that they could could estimate separately the change in
volume of the pore air and the ch i

ange in volume of the pore water
after the application of a stress inc

physical explanation

They went on to provide a
for this phe
initially,

nomenon. It was postulated that
r after compaction, the pore water pressures are negative
(i.c. below atmospheric pressure). The pore water tends to fill the
§ma,llcr capillaries leaving the larger pore spaces for the air to form
Inter-connected channels, Thus when a load increme

. pressure, and this dissipates quickly as
the pore air flows out through the inter-

connected channels, In the
» although it
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Figure 2: Numcrical Solution of Barden (196

Analytical treatment of the consolidation of a partially saturated
clay due to Barden (1965)

The concepts postulated by Yoshimi and Osterberg  were
subsequently formulated into mathematical form by Barden (1965).
Barden considered the consolidation of partially saturated clays to
arise out of the transient flow of two immiscible pore fluids through
a compressible medium. The answer to the question as to whether
it is the pore air which flows through the soil, or the pore walter

which flows through the soil. (or both), depends on how much of

the load increment is carried by the pore air and how much of it is
carried by the pore watcr. This was shown to be dependent on the
degree of saturation of the soil.

In Barden's analysis, thc flow of air through unsaturated soil was
found to be a function of the permeability (k), porosity (n) and the
pore air density (7). Therefore, the flow of air through the soil
becomes more like a consolidation type phenomenon rather than a
compaction type phenomenon. Defining 3 new paramclers a, .
and &, these were used to represent the variations of porosity (n),
permeability (k). and density () between the beginning and the end
of the consolidation process by:

k
D _yya; —==1+/4;and Lo _ 148
ny s Yr

where the sufTices o and / refer to the initial and final values

respectively.
The resulting partial differential equations for consolidation were

then solved numerically, and the results expressed non

dimensionally in terms of the average degree of consolidation,

and a time factor, T, . the latter being defined by o
kr

m, H?

(1

7;:

5) for Primary Consolidation of Partially Saturated Soils.

A typical set of curves for a=0.1, &=0.0. and f varying from 0 to 50
is given in Figure 2. It is sceen that the U —JT‘, graph is
continuously curved; i.c. there is no linear rclationship in the region
v <0.§ as obtained according to the Terzaghi theory of primary
consolidation. However, there is no cstablished method as yet for
the determination of these paramclers.

Relevance of Analysis of Parkin (1978) for Residual Soils

l’pr purpose of anlysis of consolidation test results, the methods
d‘lscusscAd previously are not entircly satisfactory because both the
1cr71\gh| l.hcory and the Barden theory deal only with primary
consolidation.  Secondary compressions arc present in residual
soils, and if the laboratory U -1 rclationship is to be used, then
the ulumalc_pnmary consolidation scttlement, p,, should be uscd for
°I";!]”““"g U . There is a great difficulty in deciding on pa. Parkin
:h 8) proposed that when sccondary settlements arc also present i

¢ standard oedometer tests, then it is preferable to work with the

ratc of consolidation U rather than the degrec of consolidation W

171“ :‘gol‘}’Cd.lhal.fol— Terzaghi primary consolidation theory the U -

av do:ibllons{np is unique as shown in Figurc 3 , and when plo.ucd in

conting ¥ | ogarithmic  scale, the Terzaghi theory predicts 8
ously increasing slope as the time tends to infinity.

When L
secondary compression is present. observations show that for

secondary compressi . c
; ssion y s e g n be
writien ge the e-/og 1 relationship is linear, and ¢

e= e,,.ca.log(-ll_) 2

0

which after difr s s .
e ; .
terms gives: rentiating with respect to time, and re-arranging
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de) _ Og( Ca )—logl 3)
lop(;;)" 2303
¢ region of secondary compression, (he relationship

in th . A
e nt and time is lincar on a doubly

t;i\\ccn the rate ol scttleme
C

ogarithmic plot. ) )
The advantage of the method of Parkin is that it is not ncecssary (o

tially determine the ultimate primary compression. Denoting the
mn ) -

qate of scitlement as P, iLis casy to show that U and p arc
a

jincarly related. Again, the time factor, 7, and time,  arc also

jincarly related.
Now plot the graph of p -t on doubly logarithmic scale. This has
} =

peen done as Figure 4 for results from a typical consolidation test
on residual soils. Since U is plotted on a logarithmic scale and p

is also plotted on a logarithmic scale. the 2 sets of curves can be

10-0

shifled parallel to the t-axis to obtain a curve fit. Similarly, since
both 7, and ¢ arc plotted in logarithmic scalcs, the curves can be
shifted parallel ot the p-axis to obtain the best curve fit. By this
procedure, it is no longer necessary to know the ultimate primary
compression. It is possiblc to obtain by curvce fitting the ratio (7,
/1), and hence the consolidation characteristic c,..

An Alternative Analysis for Consolidation Test Results of
Residual Soils

The proposed alternative analysis is to combine the analysis of
Barden with the curve fitting technique of Parkin. The results of
FFigurc 2 for a partially saturated soil in which a=0.1. §=0.0 were
rc-analyscd to obtain the U - T. relationship. The 2 curves for =0
and B=50 are shown in Figurc 5.
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Figure 3: Relationship Between l_7 and 7, for Terzaghi Theory.
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Figure 4: Proposed Mcthod of Analysis for Consolidation Test Results of Residual Soils.
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Figure 5: The (7 - T, Relationships for partially saturated soils in which a=0.1 and 6=1.0.

As a first approximation it will be assumed that the parameters a, §
and 6 of the Barden method take the values of 0.1, 0 and 0.0
respectively.  (This corresponds to the least deviation from the
Terzaghi results).

When using this method, it is seen that in the standard ocdometer
test. most of the settlement readings correspond to sccondary
compression and hence it would be misleading to try and curve fit
Terzaghi theory to a curve such as that in Figure 4.

The absence of sufficient number of readings in the primary stage
means that the rate of primary consolidation can be determined only
approximately. However, the number of readings in the primary
compression stage may be increased by increasing the length of

drainage path in the oedometer test. This is most convenicntly done
by closing the lower drainage valve of the oedometer which results
in the doubling of the length of draingae path.

Re-Analysis of Results of Thurairajah et al. (1980) Based
on Proposed Alternative Analysis for Residual Soils

The results of the consolidation tests of Thurairajah et al, (1980) for
the prediction of the rate of settlement in lateritic soil caused by
pre-loading of the Urea Factory site at Sapugaskande were re-
analysed using the proposed alternative method.

This analysis gave a value of ¢, of 1500 m
obtained from their conventional analysis
¢, value of 70 m?/year, and they also foun
field pre-loading tests gave a value of c,
it is seen that whereas the conventional
under-estimates the rate of settlement,

analysis gives a rate of settlement simil
field.

*lyear. Thurairajah et a).
of the laboratory resulys a
d that the analysis of thejr
=1748 mzlyear. Therefore,
method of analysis grossly

the proposed method of
ar to that observed in the

Conclusion

In this paper, a new method of analysis has been proposed for the
analysis of the consolidation test results of residual soils.

The method proposed removes the subjectivity that presently exists
in the conventional approach

It also gives an explanation for the variations observed between the

laboratory test results in consolidation samples and predictions from
Terzaghi theory.

Most important, the method has provided a realistic estimate qf the
rates of settlement as observed in the ficld, unlike the conventional
analysis Wwhich grossly underestimates the rates of settlement.
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The Influence of Soil Type on Local Failures of Earthfill Embankment Dams
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REFIZRENCE: H.G.P.A. Ratnawecra and Sunil, L. M., "The Influence of
gonl Type on Local Failures of Earthfill Embankment Dams,’ Geotechnical
.Jouma‘l. SLGS. Vol. 2. No. 1. Scptember 1998, pp. 33-41.

,\BSTRI\CT . Local failures are detected in carthfill reservoir cmbankments
that arc presently in usc A study performed on twenty embankment dams
in Polonnaruwa District revealed that the failures observed were excessive
seepage, Crosion of upstrcam slope, surface cracking along dam axis. and
uncven settlement of dam crest. This paper attempts to identify the
observed local failurcs in rclation to the cngincering propertics of
embankment dam material. The analysis of results are based on particle size
Jistribution, Atterberg limits. Standard Proctor compaction test, and in-situ

density

Introduction

Dam failures reported in the past have been mainly due to the
inability of reservoirs to route floods during sudden cloud bursts.
Biswas and Chatterjee (1971) in their study of more than 300 dam
failures throughout the world concluded that a) 35 per cent of
failurcs were a direct result of floods in cxcess of spillway capacity,
b) 25 per cent of failures were duc lo foundation problems such as
secpage. piping. €Xcessive porc pressures, inadequate cutoff, fault
movement. settlement, or rockslides, ¢) 40 per cent of disasters
resulted from various problems including improper design or
construction, inferior materials, wave action, acts of war, or general
lack of proper operation and/or maintenance.

The performance of an earthfill cmbankment dam depends on how
well it could withstand external forces without causing
deterioration. The ancient tank builders of Sri Lanka have bcen
successful in maintaining earthfill embankment dams, some of
which are still in use after restoration. These structures werc
designed to use material that was available in the vicinity, taking
into consideration of their relative advantages and limitations. In
cases where adequate quantities of reasonably impervious material
was available, homogeneous embankments werce sclected. When
pervious material was present, a central clay core and/or an
upstream clay liner suitably protected from wave aclion was
adopted. However, the expcriences gathered on methods of
construction. operation, and maintenance of ancient carthfill
embankment dams are unavailable for the present day usc.

Local failures observed in carthfill embankment dams can be
interpreted as signs of distress, caused by deterioration of the
embankment. the foundation or the abutments. Even an
embankment dam which is perfect in its design and construction
may show signs of distress: after scveral years of smooth
functioning.  Local failures occur due to changes in the soil
structure (soil matrix and inter-particle forces of attraction) and
hence its engincering characteristics. resulting from an externally
applicd force or scveral forces. These may result in non-
homogenous and anisotropic conditions in the soil mass which
Wcrcq't assumed during the design and construction stages. Table 1
describes the various types of local failures and the mechanisms
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associated with them, and the influcnce of soil type on these
mechanisms. At present, not much emphasis is given to study the
nature of local failures with respect to mechanisms of failure
associated with the soil type, and the general tendency has been to
altribute  such failures to a) inadequate investigation at the
preliminary stages Icading to an inappropriatc design, b) improper
selection of cmbankment material, ¢) inadequate quality control
during construction and d) inadequatc regular inspection and
maintenance. This study attempts to identify the influence of
sclected material on the performance of embankment dams, by
investigating the obscrved local failures.

Methodology

Twenty carthfill embankment dams. including embankments of
threc major tanks werc considered in this study. The relevant
geometric data is listed in Table 2. These embankments were
inspected Lo obscrve local failures, and the type and extent of such
failures were recorded (refer Table 3). Material samples were taken
from locations closer to the observed local failures, using a core
sampler, . The standard methods for particle size analysis -
Mecchanical Mcthod: ASTM D421 (Sample Preparation) and D422
(Testing) and Liquid and Plastic Limit tests: ASTM 4318 was used
to classify the soils while the Standard Proctor Compaction test:
ASTM D698 werc done to establish their compaction
characteristics. The insitu density of the embankment was also
obtained using the core sampler.

Results and Discussion

Tables 4 and 5 give the results of laboratory identification and
classification tests done on the soil samples, and the insitu density
tests. respectively. The soil types encountered in this investigation
are clayey sand (SC), low plasticity clay (CL). silty-clayey sand
(SC/SM) and low plasticity silt (ML). It was observed that 13 out
of the 20 locations had clayey sands (SC) as the embankment
material, while 6 had low plasticity clays (CL).

Longitudinal cracking along dam axis

The embankment dams which had longitudinal cracks along the axis
were found to be constructed using low plasticity clays (CL) and
clayey sand of medium plasticity (SC/CL). The particle size
distributions show agreement with the critcria given in Figurc 1 and
Table 1 (refer Figure 2), with the exeption of onc casc
(Kumbukunawela Wewa: USCS Classification CL, Dso ~ 0.06mm,
Pl = 24). Formation of longitudinal cracks is associated with its
insitu moisture content and it was observed that cracks tend to seal
during the wet scason. Insitu density tests on Paluwaddena Wewa
(650 ft. from Spillway) (OMC = 18.5%, Yymax =. 17.0 kN/m®, NMC
= 6%) and Erige Oya (OMC = 17.5%, Ygma = 17.5 kN/m’, NMC =
8.5%) performed during the dry scason had natural moisture
contents too dry of optimum where as for Bakamoonapataha Wewa
the natural moisture content was close to its optimum sincc the test
was done during the wet season (OMC = 12.5%., Yymax = 18.0
kN/m®, NMC = 13.3%).

The above factors indicate that the formation of longitudinal cracks
has a direct influence on the soil group and its moisture content
though cracking may have inititated duc to post construction
settlement.
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Excess Seepage and Piping

Maost piping failures are caused by subsurface erosion in or bencath
dams. These failures can occur several months or even ycars afler a
dam is placed into operation. The capability of a soil to form a sclf
healing layer is identificd by the index Dys/D5s and should be less

than 2 (Honjo and Veneziano, 1989). Table 3 lists the locations
where seepage was observed. Figures }a. 3b ldcplil‘y the particlc
size distribution of soils tested and t.hexr susceptibility o Piping,
The obscrvations show that the SO'I|S tested h:.avc intermediage
resistance to piping. However, a direct correlation could ney be
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established between seepage and material propertics. indicating the
inter-relationship of several mechanisms contributing towards local
failures (refer Table 4).

Uneven Settlement of Dam Crest

The insitu dry densitics of embankment dams that have experienced
uneven settlement at dam crest level, indicate that the scttlements
may be associated with low ficld compaction at dam crest level
(refer Table 5).

Failure of Foundation

The study of the breached section of Feeratiya Oya L:mbankment
foundation indicated that the presence of a silt layer at the
embankment/foundation interface. The failure may have resulted
from the removal of finc material from the embankment/foundation
interface by piping.

Erosion of up-stream slope

Lrosion of the upstream slope is obscrved in several embankment
dams (refer Table 3). Design Manual 7.02 (1986) identifies the
susceptibility of diffcrent soil types to erosion, and is given in the
increasing order: CH. CL, SM, SW. SC, GM, GC, GW, GP. The
embankments subject to heavy erosion had claycy sands (SC) and
silty/clayey sands (SC/SM) as their embankment matcrial. These
observations show the need to have a graded rip-rap layer, to
protect the embankment against crosion, and ncgligance may result
in sudden collapse.

Conclusions

Local failures should be interpreted with respect to mechanisms of
failure associated with the soil type. It is important to observe signs
of distress. at initial stages and to take remedial measurcs to ensurc
long term stability.
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Notations

GW - Well graded clean gravels. gravel-sand mixtures.
GP - Poorly graded clean gravels, gravel-sand mix.

GM - Silty gravels. poorly graded gravel-sand silt.

GC - Claycy gravels, poorly graded gravel-sand-clay.
SW - Well graded clean sands. gravely sands.

SP - Poorly graded clean sands, sand-gravel mix.

SM - Silty sands, poorly graded sand-silt mix.

SC - Clayey sands, poorly graded sand-clay-mix.

ML - Inorganic silts and clayey silts.

CL - Inorganic clays of low to medium plasticity.

OL - Organic silts and silt clays, low plasticity.

MH - Inorganic clayey silts, elastic silts. -~

CH - Inorganic clays of high plasticity.

OH - Organic clays and silty clays.

G - Gravel; Particle sizes greater than 4.75 mm

CS - Coarse Sand: Particle sizes between 2.0-4.75 mm
MS - Medium Sand; Particle sizes between 0.425-2.0 mmn
FS - Fine Sand, Particle sizes between 0.074-0.425 mm
F - Fines: Particle sizes less than 0.074 mm.
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The Influence of Soil Type on Mechanisms of Local Failures.

Tﬂblc 1:
Type! Mcchanism(s) of Local Failure

Influence of Soil Type

Embankment

| settlement of cmbankment; Sccondary compression_duc to
Transverse cracks being formed a) at the lower centre of
due to difTerential settiement of centre rclative to its

) closer to the rock abutment due to steep abutment slopes.

Excess seepage duc to intemal horizontal cracks developed near embeded
) d by scttlements.

structures. cause

L(,,,g,mdmal cracking of the top surface along dam axis. duc to
differential scttlement of upstream and/or downstrecam toc relative to the
centre axis. Less harmful. Presence ofb.ol‘h transverse and longitudinal
cracks may lead to excess scepage and piping.

Excess seepage in zoned embankments. Horizontal cracks developed
within the corc due differential settlement of core relative (o its shell in a

zoned embankment.

settlement of

|. Differentia
sclf weight.
cmbankment
abutments. b

Embankment Foundation

Settlement of
| settlement of embankment duc to consolidation scttlement of

Sccondary Compression (Design Manual 7.02, 1986):
Homogencous Embankment:
Non-plastic soils: scttlement 0.1-0.2% of fill height. duration 34 ycars.
Plastic finc-grained soils: settlement 0.3-0.6% of fill height; duration 15-20
years.
Descending order of preference: GC, GM, SC. SM, CL. ML, CH, OL, MH,
OH:
Zoncd Embankment:
Descending order of preference:
Core: GC. SC, CL. GM, SM, ML, CH. OL, MH, OH.
Shell: GW, GP, SW-gravelly, SP-gravelly.
Consolidation Scttlement of Foundation:
Descending order of preference:
Seepage is not a concern: GW. SW. GP, GM. SP. GC. SM, SC, ML,
CL. OL, MH, CH, OH.
Seepage is a concemn: GM, GC, SM. SC. CL. ML, OL, MH, CH, OH.
Resistance to Cracking (refer Figure 1)

5. Differentia
rd{ndalnon. Transverse cracks being formed as in (1) above. Category A: CH with D5g<0.02 mm and PI>20: High Post Construction
6. Excess secpage duc to internal horizontal cracks developed duc to scttlement, particularly if compacted dry, has sufficient deformability
settlement of a local scgment of embankment foundation. to undergo large shear strains from differential scttlement without
7 Bearing Capacity fatliure duc to high pore pressues developed in the cracking.
foundation. Category B: GC, SC, SM, SP with Dse>0.15; Small Post Construction
§. Excess seepage. Horizontal cracks developed within the core duc to the scttlement, Little chance for cracking unless poorly compacted and
core being compacted dry of optimum moisture content. large scttlement is imposed on cmbankment by consolidation of the
9. Drying and Shrinkage. Material susceptible to shrinkage would reduce its foundation.
volueme during drying. Catcgory C: CL, ML, and SM with PI<20, 0.15mm > Dso > 0.02 mm;
Medium to high Post Construction settlement and vulnerable to
cracking. Should be compacted as wet as possible consistent with
strength requirements.

10. Movement of embankment slope due to slope instability during stcady
statc seepage and rapid drawdown conditions. The stability of the
embankment is governed by the distribution of pore-waler pressures and
the shear strength of embankment material.

stream slope should have a factor of

Under stcady state seepage: the down
down, the upstrcam slope should have

safety of 1.5. During sudden draw
asafcty factor of 1.1-1.2.

to rain runoff and wave wash.

o rain U S e ——

|1 Erosion of upstream slope duc
rain runoff

12. Erosion of downstream slope due t0

Rip-rap layer with a well graded mixture of rock, supported beneath by a
filter to protcct carthfill from wave wash.
Descending order of preference:
GW. GP, GC, GM, SC, SW. SP, SM, CL. CH
The downstream slope is protected by turfing: and storm water drains in the
case of major tanks.

13. Excess seepage due to high total head differance and/or high mean
permeability of the most pervious layer.
Piping and wrbidity due to movement 0
by percolating water.

Boiling and liquefaction due to MQMMLOQEM
due 10 the weight of soil. If the exit gradient at the toe of thc embankment
is high enough to causc boiling, erosion may cu
a unnel shaped passage (or "pipe") working backwards to meet the free
water. Controlled by maintaining the maximum hydraulic gradient less
than the critical hydraulic gradient.

Excess seepage due to hydraulic fracturing caused by zcro effcctive stress
on the plane of fracturing. This phenomenon is observed in homogencous
carthfill embankments though there is a high possibility for non-
homogeneous embankments Lo develop such failures.

14.

15.

f soil particles to a frec exit surfacd

Iminate in the formation of

Resistance to Piping (Design Manual 7.02, 1986, refer Figure 1):

Category 1: CL and CH.with PI>15, Well graded SC with PI>15. Greatest
resistance to piping, small and medium concentrated leaks will heal
themselves. Embankment may fail as a result of slowly progressive
piping caused by leak of about 14 I/s.

Category 2: CL and ML with PI<15, Well graded SC and GC with
15>PI>7. Intermediate resistance to piping safely resists saturation of
lower portion of downstream slope indefinitely. may fail eventually as a
result of crosion caused by a small concentrated leak or by progressive
sloughing. If a large leak develops. piping causes failure in a short
time.

Category 3: SP and Uniform SM and ML with PI<7. Leasl resistance to
piping usually fails in a few years after first reservoir filling if seepage
is able to break out on downstream slope. Small concentrated leak on
downstream slope can cause failure in a short period of time. High
density from compaction increases resistance significantly.

Piping due 1o internal crosion caused by the use of di ersive clays in the

impervious corc. Dispersive clays are not recommended in cmbankment
fiams since they come into suspension as a result of the physico-chcmical
interaction between the particles and the pore fluid, and the soil particles
are carricd away by percolating water.

Pinhole Test (Sherard et al., 1976) and the method given in Design Manual
7.02, 1986 to identify dispersive soils (see below).

Per cent Dispersion® Dispersive tendency

Over 40 Highly dispersive (not suitablc).
15-40 Moderately dispersive:
0-15 Resistant to dispersion.

* The ratio between the fraction finer than 0.005 mm in a soil-water
suspension that has been subject to a minimum of mechanical agitation
and the total fraction finer than 0.005 mm determined from a regular
hydrometer test x 100.
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Table 2: Geometric Design Data of Hydraulic Structurcs and Earth Emb

ankment dams (Sourcc: Irrigation Department)

Tank

Giritale Wewa

Migollcwa Wewa

lhala Siyambalagas
Wewa

Pahala
Siyambalagas
Wewa

Bakamoonapataha
Wewa l’aluwaddena W,
Cw

Co-ordinates

Catchment arca. Sq. km
Capacity at FSL. Million cu.m
Arca at FSL. Ha

Capacity at HFL, Million cu.m
Arca at HFL. Ha

Head of water. at FSL m

Dead storage, Million cu.m

Bund

l.ength, m
BTW. m

BTL. m, above .
I'SL. m, above ..
HFL. m. above .
Free board, m
Slope US

Slope DS
Spillway

Type

Length, m

Crest level, m. above ..

Sluice

Type

Size

Number of sluices

Sill level H/L, m. above ..
Sill level L/L, m, above ._

G/17(0.5x2.2)
24.346

232

314.849
24.32

13.0

Nil

518.16
7.62

94.49 MSL
92.05 MSL
92.66 MSL
1.83

1:3

1:3

C.O.
38.1
92.05 MSL

Box type
2/1220x810 mm

2 (LB sluice perm-
-anently closed)
80.48 MSL

79.03 MSL

G/7(10.02x0.32)
2.4864

0.384

28.336

2.62

821.74

1.83

100.61 RL
100.0 RL
100.305 RL
0305

~1:2
~1:25

Natural
30.023
100.0 RL

Box type
300 mm dia.
2

97.35 RL
98.37 RL

G/21(10.9x8.35)
1.1655
0.2403

0.296

4.078

850.0
1.83

111.1 RL
110.42 RL
110.72 RL
0.350

1.2

1:2

47.0
110.42 RL

l—iumc pipe tower
300 mm dia.
2

106.89 RL
106.34 RL

G/21(10.8x8.4)
1.435

0.120

8.0938

0.16

951

1.829

47991
2012
106.38 RL
105.77 RL
106.07 RL
0.305

1:1

1:1.5

C.0.
24.54
105.77 RL

Hume pipe typc
225 mm dia.
2

103.94 RL
104.72 RL

J/1(6.2x6.0)
5.7757
0.123

4.18

499.87
2.0
98.10 RL
96.16 RL
96.81 RL
1.15
1:1.5

1:2

Natural
60.98
96.45 RL

*| Hume pipe type

225 mm dia.
|

92.27 RL
92.06 RL

| G 70—
/17(0.48,
233 76)

0.153
13233

22

683.82
1.524
98.08 RL
97.17 RL
97.48 RL
0.61
1115
I:1.5

Natural
29.99
9717 RL

Hume pipe type
225 mm dia.
1

94 .98 RL

Table 2: Geometric Design Data of Hydraulic Structures and Earth Embankment Dams (continued) (Source: Irrigation Department)

Tank

Kaudulla Wewa

Erige Oya Wewa

Heeraliya Oya
Anicut Flank Bund

Minneriya Wewa

Kumbukunawela
Wewa

Co-ordinates

Catchment area, Sq. km
Capacity at FSL. Million cum
Arca at FSL. Ha

Capacity at HFL, Million cu.m
Area at HFL. Ha

Head of water, at FSL m
Dead storage. Million cu.m

Bund

Length, m
BTW, m

BTL, m, above ..
FSL. m, above ..
HFL. m, above ..
Free board, m
Slope US

Slope DS
Spillway

Type

Length, m

Crest level. m, above ..
Sill level, m, above .
Sluice

Type

Size

Number of sluices

Sill tevel H/L, m, above ..
Sill level L/L. m, above ..

G/12(1.3x7.0)
90.65

128.3

2590.02

181.3
2934.003

9.144

5.551

9052.56
6.096

76.81 MSL
73.152 MSL
75.22 MSL
1.60

79.858

73.152 MSL

65.532 MSL
64.008 MSL

G/16(5.04x4.95)
84175

1.295

47.389

7.315

457.2
3.658
42.672 -
40.843 RL
41.61 RL

(SRR

Clear overfall
60.96

40.84 RL

Hume pipe tower
600 mm dia.

|

33.528 RL

J/1(4.9x5.6)
36.26

212.14

G/16(12.3x5.25)

238.28
135.67
2548.438
175.2

11.6
24934

609.6 main bund

6.096

97.125 MSL
93.696 MSL
95.296 MSL

1.829
1:2
1:3

Clear overfall

7 nos. 6100x380
mm

93.665 MSL
89.855 MSL

Ogee with radial
gates.

3 nos. 4570x2440
mm

93.88 MSL

91.44 MSL

Tower Type.
300 mm dia.

3
83.82 MSL
84.83 MSL

Madahorowwa, 82.0 MSL

G/12(11.7x6.45)
3.885

53.684

322
Nill

974.7504
1.524

100.7 RL
1000RL
100.305 RL
0.396

1:2

1:2

Natural

60.976

34.442RL

Hume pipe tOWe!
300 mm dia.

1
96.78 RL

/
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cd) (Source: Irrigation Department)

Table 2:
Kirimetipitiya
Tank Kadawcla Wewa Baybiya Wewa Migas Wewa Aluth Wewa Wewa Wewewela Wewa
co.ordinﬂ“‘S G/12(12.2x2.8) G/12(9.6x6.5) G/12(11.2x7.45) G/22(7.2x4.7) G/22 (2.00x6.95) | /1 (6.8 x 0.6)
Catchment area. 54 km 4.921 7.252 1.554 2.7713 0.5698 0518
Capacity at FSL. Mill.cum |0 672 1.158 0.173 0.574 0.0802 0.1924
Arca at FSL.Ha E - 16.317 - 9.176 8.798
Capacity at HFL, Million cum| - 1.419 0.2262 - 0.109 -
Arca at HFL. 118 - - 19.23 - 10.214 9.899
Head of water. at FSL m 2.521 2.7432 278 2.825 2.104 4314
Dead storage. Million cum - - . _
Bund
Length. m 966.820 1280.16 760.11 1097.28 299.923 94.976
BTW.m 1.219 1.829 1.71 3.048 2438 1.219
BTL. m. above .. 31402 RL 35.671 RL 31.39RL 47.293 RL 103.0 RL 105.03 RL
F'SL. m, above .. 3048 RL 34442 RL 30.48 RL 46.077 RL 102.1 RL 104.31 RL
HFL. m, above .. 30.785 RL 34.747 RL 30.785 RL 46.482 RL 102.4 RL 104.45 RL
Frec board, m 0.610 0915 0.619 0.799 0.591 0.579
Slope US =115 =1:1.5 =1:15 =1:15 1:2 = 1:1.5
Slope DS LS 1:2 1:2 1:2 1:2 1:1.5
Spillway
Type Natural - Natural Natural Natural Natural
1 .ength. m 91.006 83.52 37.49 57.912 29.992 31.492
Crest level, m. above .. 100.0 RL 30.48 RL 30.48 RL 47.905 RL 102.1 RL 104.314 RL
Sill level, m, above .. - - ” - % &
Sluice
Type Hume pipc tower | Hume pipe tower | Hume pipe tower RB:H-pipe tower, Humec pipe tower Hume pipe tower
LB: Masonry
Size 300 mm dia. 450 mm dia. 225 mm dia. 225 mm and 600 |225 mm dia. 225 mm dia.
mm dia.
Number of sluices 1 1 1 2 1 1
Sill level H/L, m, above .. 27.966 RL 31.707 RL 27.701 RL RB, US 44.091; DS 100.0 RL 100.0 RL
44.064 RL
sill level L/L. m, above .. - - - LB. US 43.262; DS| - -
43.076 RL

-

.

Table 2: Geometric Design Data of Hydraulic S

tructures and Earth

Embankment Dams (continued) (Source: Irrigation Department)

Tank

Kadahatha Wewa

Digannewa Wewa

Baddepanvila

Sill level, m, above ..

Wewa
Co-ordinates G/16 (3.1x5.0) /6 (6.9x7.12) G/21 (11.8x1.25)
Catchment area. Sq. km 2.9008 0.9065 3.1598
Capacity at FSL. Mill. cum 0.1726 0.2097 0.68
Arca at FSL, Ha 15.411 16 34.513
Capacity at HFL, Million cu.m) - - 0.75
Area at HFL, Ha 17.442 - 39.015
Head of water, at FSL m 222 3.1 3.25
Dead storage. Million cu.m - - 0.0496
Bund
Length, m 489.814 629.72 190.957
BTW. m 1.829 1.8 3.0
BTL., m, above .. 103.02 RL 104.0 R: 101.8 RL
FSL, m, above .. 102.2 RL 103.1 R: 100.0 RL
HFL. m, above .. 102.5 RL 103.4 RL 100.3 RL
Free board, m 0.52 0.6! 1.5
Slope US =115 =115 1:1.5
Slope DS 1:1.5 1:1.5 1:2
Spillway
Type Natural (crest wall) Natural Concrete overflow

RB ¢nd

Length. m 53.486 45.72 12.40
Crest level. m, above .. 102.2 RL 103.1 RL 100.0 RL

| Sluice
Type RB: Hume pipe. | Hume pipe tower Hume pipe tower
. LB: VT
Size 150 mm dia. 225 mm dia. 225 mm dia.
Number of sluices 2 ] 1
Sill fevel H/L, m, above .. 100.0 RL 100.0 RL 96.72 RL
Sill level /L, m, above .. 100.19 RL . -
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Table Ja Ficld Observations

d laboratory observations

Tank

_ocal Failures, field an
nstream slope when the water level is 10,7 m (height o

Types of 1

Gintale Wewa

Migollewa Wewa
Ihala Siyambalagas Wewa

Pahala Siyambalagas Wewa
Bakamoonapataha Wewa

Paluwaddena Wewa

Kaudulla Wewa

Enge Oya Wewa
Hecratiya Oya Flank Bund
Minneriya Wewa
Kumbukunawela Wewa
Kadawela Wewa
Baybiya Wewa
Migaswewa

Aluth Wewa
Kirimetipitiya Wewa
Wewewela Wewa

Kadahatha Wewa
Dcgannewa Wewa

Baddepanwila Wewa

: i , dow
Seepage (= 7 litres per sccond) observed al a point midway

FSL=13.0m). Scepage (~ 14 litres per sec
m. Embankment material contains a high p o Bt i
Secpage (~ 7 litres per second) along a stretch o -(
FSL=2.62m). Ant hills obscrved along bund crest.
LErosion of upstream slope at locations closer to FSL ‘
" downstream toe. Ant hills obscrved along bund crest. it
It is suspected that borrowing matcrial closer to the ups

; i ious corc is present. ) )
Eo fmllu:j'_cs (l)bs;rcvkcs(i(.)ﬁ/\anll;n:::r';‘é; e r’i)ghl pank cmbankment axis (average depth around 0.6 m, average width around
Longitudinal cracks -

¢ width 125 mm). Uneven settle

: X bank (average depth 1.7 m, averag : Uneven settlemeny
25 d t different locations along the left "

oi)s:‘r'\"‘c)é T:?liarrcrcm ILocmions on the cmbankment crest. Scepage (~> 1 lnrc' per ml‘nu'te') l::)r;)curgll; :’zundatllon. along a
tretch of ‘I 50 m on the left bank downstream toe. Itis suspected that borrowing matcrial ¢ ¢ upstream toe h
strel S b as

i kment crest.

i _ Anthills observed along the cmban nent '
N(fxfzi(;ls;gsnol:;?rxzs;ﬁ)):gr lh:';(rctch 150 m from spillway. Longitudinal cracks_(avcragc depth 2.0 m',raveragc wnfilh 115
mr‘n) and heavy erosion of upsteam slope along a stretch of 200-320 m from spillway, observed alldl ff:3rcn: locations.
Upstream slope is not protected Secpage (~ 14 litres per second) at downstrcam toe along a stretch of 3 m, at 168-183 m
feet from spillway. Embankment material contains a high periiient of coarse fraction.

Heavy erosion of upstream slope at locations where rip-rap.has nql been placed. Scepagfc (~ .28 litres per second) below toe
filter at a particular location. Embankment matcrial contains a high per cgnl of coarse ract;o;. .

Longitudinal cracks observed at several locations along the embankm;r:: axis :)a}/cl{ag:n:icplh -8 m, average width 100 mm),
secpage (~ 7 li d) between lefl bank rock abutment and the embankment. 4

Dasn‘;cbr.::a(::l(l al-io:lugr ‘:flss'();:crlcszlclc(())ll'1 3()) m at foundation level. Longitudinal cracks observed at several locations along the
embankment axis (average depth 1.2 m, average width 75 mm). )

Scepage (~ 14 litres per second) at downstream toe along a stretch of 152 m, when the water level is at FSL.

Erosion of upstream slope at several locations. . _

Heavy crosion of u/s slope at several locations; unprotected slope. Ant hills observed along embankment crest. Evidence of
a central clay core.

Heavy crosion of u/s slope at several locations: slope not protected. Uncven seltlement observed at different locations on the
cmbankment crest, '

Heavy erosion of upstream slope, observed at several locations; slope not protected. Seepage (~ 1 litre per five minutes) at
downstream toe, near the sluicc; a decayed root observed. Ant hills obscrved at several locations along the embankment
crest.

Heavy erosion of upstream slope at several locations; slope not protected.

Secpage (~ | litre per five minutes) at the downstream toe at a particular location; a decayed root is observed.

Erosion of upstream slope observed at several locations; slope not protected. Seepage (~ | litre per minute) observed at rock
abutment and rock base, right bank end.

Heavy erosion of upstream slope at the left bank end. Seepage (~ 1 litre per five minutes) observed at downstream toe near

the right bank sluice. Embankment material contains a high per cent of coarse fraction. Ant hills observed along
cmbankment crest.

Hcavy erosion of upstream slope at scveral locations; slope not proected.
downstream toe of the right bank. Embankment material contains a hi

observed at different locations on the embankment crest. Low field col
No failures observed

d) along a strctch of 120 m at downstrean toe \yhcn the water level js o 3.3
- )ccnl of coarse fraction. Low relative compaction.
o tream toc when the water level is at FSL (height ag

Scepage (~ 1 litre per five minutes) along a stretch of 6 m at
Embankment matU¢ial contains a high per < cnt of coarse fraction,
¢ has cxposed a pervious layer.

Seepage (~ 7 litres per second) observed at the
gh per cent of coarse fraction. Uneven settlement
mpaction.

Table 3b: Condition of Tank

Name of Tank Longitudinal Excess Secpage Uneven Erosion of No Fail
Cracking Settlement of Dam Upstream Slope o raiures
Crest

Gintale Wewa

Migollewa Wewa

Thala Siyambalagas Wewa
Pahala Siyambalagas Wcwa
Bakamoonapataha Wewa
Paluwaddena Wewa
Kaudulla Wewa

Erige Oya Wewa
Heeratiya Oya Flank Bund
Minneriya Wewa
Kumbukunawela Wewa
Kadawcla Wewa

Baybiya Wewa
Migaswewa

Aluth Wewa
Kirimelipitiya Wewa
Wewewela Wewa
Kadahatha Wewa
Degannewa Wewa
Baddepanwila Wewa

—_—

E R Y]

> =

‘ ‘
X X X x > > > X x> > »x x>
‘ x
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Table
r/ Particle Size Atterberg Limits Dry Density
Tank Samipling Location G CS MS FS F Dos/D1s LL PL Pl Yd OoMC USCS
(%) | (%) | (%) | (%) | (%) (%) | (%) | (%) | kN/m' (%) | Symbol
Giritale Wewa Embankment 16.0 | 23.0 | 28.5 10.5 | 220 13.0 32 20 12 19.9 9.0 SC
Migollcwa Wewa Embankment 3.5 4.0 | 225 | 395 | 305 6.8 34 20 14 18.7 11.0 SC
Ihala Siyambalagaswewa Embankment 30 | 195 | 250 | 22.5 | 300 4.1 29 19 10 194 99 |SC
pahala Siyambalagaswewa Embankment 180 | 12.0 19.0 | 170 | 34.0 1.8 34 21 13 %6 12.3 SC
pakamoonapataha Wewa RB cmbankment 5.0 7.0 | 29.5 | 20.5 | 38.0 32 18 14 i1 1.5 SC
Bakamoonapataha Wewa 1.B cmbankment 00 30 | 140 | 345 | 485 42 40 20 20 18.0 125 SC/CL
Paluwaddena Wewa Embankment, 500 5.0 | 13.0 | 58.0 45 19.5 2.2 29 20 9 19.9 8.5 SC
feet from Spillway.
paluwaddena Wewa Embankment, 650 2.0 4.0 [ 150 | 19.0 | 60.0 39 23 16 17.0 185 |CL
fect from Spillway,
Kaudulla Wewa Embankment 17.0 | 21.5 19.5 7.0 | 35.0 9.1 44 25 19 19.6 95 Ne
Erige Oya Wewa Embankment 1.0 40 | 17.5 | 22.5 | 55.0 73 39 24 15 17.5 17.5 CL
Heeratiya Oya Flank Bund Foundation 120 | 100 | 25.5 | 24.5 | 28.0 40 26 14 17.4 17.0 ML
Heeratiya Oya Flank Bund Embankment 0.0 20 | 105 [ 230 [ 645 | ~3.0 49 27 22 16.4 21.0 CL
Minneriya Wewa Embankment 25| 85 ]340 (205|345 | 116 32 14 18 18.0 146 |SC
Kumbukunawela Wewa Embankment 1.0 4.5 | 185 | 23.0 | 53.0 32 46 22 24 17.0 18.3 CL
Kadawcla Wewa Embankment 5.0 5.0 | 300 | 29.5 | 305 2.5 24 0 24 18.2 11.5 SC/SM
Baybiya Wewa Embankment shell 1.0 20 | 17.0 | 40.5 | 395 2.7 23 0 23 18.6 120 |SC/SM
Baybiya Wewa Embankment core 1.0 50 | 165 | 235 | 54.0 31 18 13 18.0 140 |CL
Migas Wewa Embankment 1.0 5.0 185 | 22.5 | 53.0 2.8 34 19 15 17.6 14.0 CL
Aluth Wewa Embankment 5.0 6.5 | 20.5 | 46.0 | 22.0 2.8 24 0 24 18.9 120 |SC/SM
Kirimatipitiya Wewa Embankment 12.0 16.0 | 28.0 16.0 | 28.0 2.1 34 20 14 19.4 10.6 SC
Wawewela Wewa Embankment 2.0 5.0 | 25.5 | 23.0 | 445 43 36 18 18 17.8 14.7 SC
Kadahata Wewa RB embankment 80 | 245 | 29.5 | 10.0 | 28.0 22 31 18 13 19.4 108 |SC
Kadahatha Wewa LB embankment 0.0 1.0 | 33.5 | 25.5 | 40.0 35 20 15 189 12,5 SC
Kadahatha Wcwa Borrow area 1.0 25 | 344 | 255 | 366 35 21 14 19.3 11.4 SC
Diganncwa Wewa Embankment 17.0 | 26.0 | 24.0 9.5 | 235 3.1 31 18 13 19.0 12.0 SC
Baddepanwila Wewa Embankment 85 | 175 | 285 [ 165 | 29.0 33 31 18 13 18.8 11.4 SC
Table 5 Field Test Results.
Tank Sampling Location USCS Symbol Y4 (KN/m%) [ NMC (%) RC (%)
Giritale Wewa Slope 1.2-1.5 m below Bund top level. SC 15.7 9.5 789
15.1 9.8 77.6
17.1 9.5 85.6
Migollewa Wewa Bund top level 0.15-0.3 m. SC 18.3 6.1 97.8
Ihala Siyambalagas Wewa | Bund top level 0.15-0.3 m. SC 17.8 33 91.5
Pahala Siyambalagas Wewa | Bund top level 0.15-0.3 m. SC 17.7 4.8 95.5
Bakamoonapataha Wewa RB, Bund top level 0.15-0.3 m (near crack). SC 14.5 43 76.0
16.0 14.5 84.0
Bakamoonapataha Wewa LB, Bund top level 0.9-1.2 m (ncar crack) SC/SM 15.6 13.3 86.3
16.4 13.3 90.8
Paluwaddena Wewa Embankment, 150 m from Spillway SC
Paluwaddena Wewa Bund top level 0.15-0.3 m, 200 m from Spillway. CL 16.5 6.0 96.9
Kaudulla Wewa Embankment SC
Erige Oya Wewa Bund top level 0.15-0.3 m CL 17.4 9.2 99.5
17.0 85 97.3
Heeratiya Oya Flank Bund | Foundation ML
Heeratiya Oya Flank Bund | Embankment CL
Minneriya Wewa Embankment sC
Kumbukunawela Wewa Embankment CL
Kadawela Wewa Centre of upstream slope. SC/SM 14.9 14.9 823
15.1 10.5 833
Baybiya Wewa Embankment shell, bund top level 0.15-0.3 m. SC/SM 12.3 14.0 66.0
14.2 12.8 76.2
Baybiya Wewa Embankment core CL
Migas Wewa Bund top level 0.15-0.3 m. CL 17.4 9.5 98.7
Aluth Wewa Bund top level 0.15-0.3 m SC/sM 15.7 1.8 83.0
16.5 12.5 87.0
Kirimatipitiya Wewa Bund top level 0.15-0.3 m SC 18.9 9.2 97.3
18.8 8.7 97.1
Wawewela Wewa Embankment sC
Kadahatha Wewa Right bank, bund top level 0.15-0.3 m sC 18.1 59 93.4
Kadahatha Wewa Lefl bank, bund top level 0.15-0.3 m SC 18.3 12.1 96.8
17.8 11.4 94.5
Kadahatha Wewa Borrow area s¢
Digannewa Wewa Bund top level 0.15-0.3 m SC 14.2 9.6 745
Baddepanwila-Wewa Embankment sc
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TECHNICAL NOTE

7. A. Peiris’, N. Yoshida® , K. Miura’

Finite Element Analysis of Wave Induced De

Breakwater

formation of Seafloor Under

REFERENCE: T A. Peiris, N Yoshida. K. Miura, = Finite Element
Analysis of Wave Induced Deformation of Scafloor Under Breakwaler,’

Geotechnical Journal, SLGS. Vol. 2. No. 1, Scptember 1998, pp. 42-46.

Break water under wave
[ this study is to identily
ralyzing the soil-
at the

ABSTRACT: Interaction between scafloor and
loading is numerically analyzed. The main aim o
the efficiency of Finile clement method (FEM) in ar
structure interaction and to study the effective use of gravel mound

bottom of break walter structurc.

Introduction

Deformation  of scafloor under a  breakwater is analyzed

numerically. Wave is assumed to travel in a certain dircction and
the wave pressure, the gcometry of seafloor and its mechanical
propertics arc assumcd to be homogeneous in the dircetion
perpendicular to the direction of wave propagation. Therefore, the
problem is analyzed as a (wo dimensional planc strain problem

(Zen ct. al.. 1990)

Governing Equation
must be

The equilibrium condition and continuity condition
These

satisfied at any point in scalfloor, irrespective of time.
conditions must be satisfied independent of constitutive condition,
which specifies stress-strain relationship of scafloor material.

tion and continuity condition are expressed in the

Equilibrium condi
g with the

form of simultancous partial diflcrential cquation alon
constitutive condition, thus resulting in the governing cquation

(Miura et al. 1991).
Equilibrium Condition
For soil skeleton
(1=n)pgitg; = (1=m)P8; +( —n)pf(g—iiﬁ)

Py \' £;8;
o

For fluid
np ity —npPy g -(I1-mps(g, —iiy)

Pu&i%) _ (n

_n——-———-k (il.‘, ”uli)+0'///,1 =0

Giigj —ii )+ T g5, ;= O

wherc absolutc displacement  of soil skelcton, wu,; absolute

displacement of fluid, uy; porosity, n, bulk density of soil particles,

p.: bulk density of fluid, pr; inertia force, pyiy. Pyity gravity
force, —p.g,.— Py & - buoyant force, (1-n)p (g —1iy), scepage

PuEI8

force derived by Darcy’s Law, n n Gy —tig)

acceleration due to gravity, g, intensity of acccleration of
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2{ead, Engincering Rescarch Institute, Sato-Kogyo Co. Ltd., Japan.
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gravity. & & =W . permeability. ki stress gradients

acting on soil skelcton and pore fluid. &y ,-C 1y, -

Continuity Condition
P r

— =T (2)
Ky By

(l"”)éxy +"b]ij =(] -—II)T’;-FM

strain increment of soil skcleton, &, . Volumetric

Fluid pressurc. P; Bulk modulus of
K,:

Volumetric

strain increment of fluid, & ¢
pore fluid, K. Bulk modulus of soil skelcton,
[37,=K,/n; K, >> Ky .
Constitutive Condition
Constitutive condition specifies stress-strain relationship of a soil-
fluid constituent. Two sets of analysis have been performed using
different constitutive models; one with linear clastic model and the
other with non-linear clastic-plastic model with stress dilatancy

(Yoshida, 1993).

Break Water Structure and Wave Loading

Two types of break water structures are considered in this analysis
(refer Figure 1). Breakwater with the gravel mound is rcferred to as
Composite Structure (CPL) and brcakwater without mound is
referred to as the Upright Structure (URL). Dimensions of the
structures are shown in Figure 2. Figure 2 also indicates the size of
the section that has been analyzed and the wave height, H of 4
melres (double amplitude), length, L of 100 m, and a period, T of
10 scconds.

Boundary Condition: In this analysis only water pressures due (o
waves arc applicd at the sea floor surface. At the interface, it is
assumed that there is no vertical and horizontal displacements; and
no flow across.

Material Properties

Table .l indicales lhx. material properties used in the lincar elastic
analys!s. Ap additional parameters used in the elastic plastic
analysis arc given by Tobita and Yoshida (1994).

Deformation and Stress

Aqalysis on linear elastic constitutive model is performed based on
Miura et al.. 1991. Figures 3a to 3b illustrate the dcformation
!ncchamsm of the breakwater and scafloor. Figures 4a and 4b
illustrate the trace of movement of breakwater structurcs CPL and
UR(lj, rgspcclnvely. In _the casc of URL. mode of dcformation is
l[:]rsu;):rlgjir;tly alrotauonal type. Whereas in CPL where gravel
mound © s, a alc_ral movement is observed. This difference in
‘ImZ.llIOIl mechanism can be attributed to the development of
5(1);:1 walter pressure beneath the breakwater. Figures Sa and 5b
0‘7~2 ::n;r(t)lr:: :‘f;fectnfre strcss' induced in the sea bed, at a depth f’f
the sca bod undc:‘(‘; a;c. Itis obsm"vcd that the effective stresses I
i € rcakwa.ter with mound, are about 60 per Cf"“
out the mound. This effect is not only due to a reduction
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in excess pore pressure developed. but also due 1o a reduction in
weight of the breakwater - mound structure.

Figurcs 6a and 6b illustratc the distribution of cxcess pore water
pressurc bencath the breakwater and the mound. Results show that
the excess pore watcr pressures  can be distributed cflectively, by
providing a mound.

wave Induced Liquefaction

In this analysis a non-lincar clastic-plastic constitutive model with
stress dilatancy is uscd.

CPL
C -Concrete

2 G_ - Gravel
(7] LS - Sand
a8
E C
o
(&) G

LS

In order to identify the possibility of liquefaction and its extent in
the sea bed, a contour plot as shown in Figure 7 is produced. These
contours represent the ratio of pore water pressure against the initial
cllective stress when the third wave hits the breakwater. It is
rcasonablc to assume that arcas susceptible to liquefaction has the
induccd porc watcer pressurc greater than 80% ol the initial efTcctive
stress (i.c. contour values greater than 0.8).

Figurcs 7a and 7b illustratc the cifectiveness of the mound in
reducing the risk of liquefaction of sca bed around the breakwater.
Dcvclopment of porc water pressure bencath the mound or
breakwater is given in Figures 8a and 8b for the cases CPL and
URL respectively.

URL
C - Concrete
E LS - Sand
D
a
o) C
Ls |

Figure 1: Typcs of break water structures that have been analysed

35.0 15.0 50.0
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Dimensions of seabed Height= 30.0m
Width = 100.0m Composite
35.0 . 15.0 e 50.0 .
:! \
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=
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N
Dimensions of seabed Height= 30.0m
Width = 100.0m .
Upright

Figure: 2: Dimensions of scabed and break water structure
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Figure 4: Tracc of the movement of Break water
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Figure 6: Distribution of excess pore water pressure
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Figure 7: Contours of porc walcr pressure ratio

Conclusions

Finite clement method can be used cffectively in analyzing the
interaction between breakwater structure and scafloor. It is very
useful in identifying the deformation mechanism or the stress
distribution at any point, and hence progressive development of
deformations and stresses can be investigated.

In this analysis the effectiveness of the mound, both in reducing
deformation and increasing the resistance against liquefaction is
clearly observed. Provision of mound with high permcable gravel
¢an reduce the development of pore water pressure, thus incrcasing
the resistance against liquefaction. It must be noted here that, the
above observations are based on numerical simulation results thus
verification of such results should be carried out based on
appropriatc experimental data.

Incorporation of stress dilatancy characteristics scems to be very
cffective in predicting the behaviour of sand under cyclic loading,
though it has not been emphasized here.
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Table 1: Material Properties used in the Lincar Elastic Analysis

:Bulk modulus of air. k, (kPa)

2.97x10*

Property Sand Concrele Gravel Remarks
Density of solids, rs (Vm’) 2.71 2.10 2.65
Porosity. n 0.454 0.030 0.818
Void ratio. € 0.833 0.031 e=n/(1-n)
Shear modulus, G (kPa) 3.92x10% 1.82x10°* 9.80x10°
Bulk modulus of solids, By (kPa) 9.80x10° 3.03x10° 98.0x10* B,=G/(1-2v)
Poisons ratio, v 0.30 _ 0.20 0.45
Elastic modulus, E (kPa) 1.02x10° 4.37x107 2.84x10° E=2(1+v)/G
Volume compressibility, m, (kPa”') 729x10° 1 2.06x10° | 928x107 | my=(1-v-2v2YE(1-v)
Degree of saturation. S, (%) 99.28 93.83 99.39 S=(1/ka=Vk)/(1k-1/K,)
Density of fluid, r¢ (Um’) 0.9928 0.9383 0.9939
Bulk modulus of pore fluid, K (kPa) 4.16x10° 4.90x10’ 4.90x10*
Permeability. k (m/sec) 1.0x10° 5.0x10° 1.0x102
Bulk Modulus of air saturated pore water, k,, (kPa) 2.31x10°
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Comparison of Equation 2 with the

Appcndix: ; |
Continuity Equation derived by Biot (1941)
Jquation 2 is re written as follows
5 P P P 5
e 4ni, =(l-m)——tn——=—— )
(] ")lf\u U fia I\‘ Al B/

Gu=ting is the volumetric strain.
w=lp,

.quation 4.4 (Biot. 1941). expresses the continuity condition as:

’ c | ¢ ’O-m/ (Al
.o VO
Vo, =370 a

where K is Darcy's Cocflicient of Permeability

£=E +E L= volumetricstrain

where 1 is the time variable: ais the ratio of water volume squeczed
out to total volume change of the initial soil volume considered.
under drained condition (6, = 0): 1/Q) is the amount of water that
can be foreed into the soil under pressure while the volume ol soil
< kept ¢ RV

is kept constant: AV-g,
water into the soil volume considered.

Both cquations 2 and A1 are not identical; equation Al (Biot. 1941)
assumes that water is incompressible while equation 2 considers it
as a compressible material.

is the balance of inNlow and outflow of

Equation Al is obtained from cquation A2 (Equation 4.3, Biot,
1941).
Under the assumption that water is incompressible

) 2 A
20 __ o, Sy oV, (A2)
ot &Ny z

where 0 denotes volumetric strain. and V is velocity. This equation
is written in tensor form as

2 PR

og

AR o L (AJ)
a |

Under assumption of incompressible water. By in Eq. 2 is infinite,
therefore it yiclds

a-me, +mi,, =0

or

(1-mé,, =-ni,, (A4)
Y (P

&, =n(i,, —ti,,)

¢, =n(u, -1, (AS5)

The definition of velocity in Biot's formulation is as follows

V.o=-n(u,—1,)

Equation AS is the same as cquation A3.
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